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DEVELOPMENT AND DESIGN THE WALT WHITMAN BRIDGE 


Milton Brumer! and Members, ASCE 
(Proc. Paper 1019) 


SYNOPSIS 


This paper presents the historical development and design features 
major bridge project, starting when becomes apparent that some type 
new cross-river traffic facility must provided. The numerous phases 
study and influences leading final selection location and type the 
crossing are described. 

The Walt Whitman Bridge, suspension bridge having 2,000-foot center 
span, warrants being listed among the world’s major bridges. The problems 
design the main foundations are thoroughly discussed and the criteria 
for design .ae superstructure are presented detail. 

The new facility scheduled for opening traffic early 1957. 


General Location and Traffic Conditions 


The Walt Whitman Bridge over the Delaware River will connect the major 
highways southern Philadelphia with those New Jersey the vicinity 
Gloucester immediately south the City Camden. (See Plate 
being constructed the Delaware River Port Authority, joint agency the 
States New Jersey and Pennsylvania. 

present all cross-river vehicular traffic the metropolitan area 
passes over the Benjamin Franklin Bridge and the Tacony-Palmyra Bridge. 

The Benjamin Franklin Bridge, until recently known the Philadelphia- 
Camden Bridge, was opened traffic the Authority July and 
was the first highway bridge crossing the river the area. The bridge 
serves the central area Philadelphia and the City Camden. was de- 
signed originally for six traffic lanes with additional space for two surface 
car lines the main roadway, two ten-foot walkways above the roadway and 
with provision for the addition two rapid transit lines brackets outside 


Note: Discussion open until December 1956. Paper 1019 part the copyrighted 
Journal the Structural Division the American Society Civil Engineers, Vol. 
82, No. July, 1956. 
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the trusses, has since been improved provide maximum traffic 
capacity, viz., eight roadway lanes and two rapid transit 

The Benjamin Franklin Bridge carried 8,600,000 vehicles 1927, 
14,200,000 1940 and 23,350,000 1950. Increases were close 2,000,000 
vehicles per year 1949 and 1950. 

The Tacony-Palmyra Bridge, which operated another agency, and 
which located about seven miles upstream northeast Philadelphia, 
serves more less independent traffic stream. has four lanes which 
are already congested. relatively low level bridge and utilizes 
bascule span over the existing ship channel accommodate passage river- 
borne traffic. The operation the movable span aggravates the existing 
vehicular congestion. 

became apparent that additional accommodations must provided with- 
out delay. 

Late 1950 the Authority engaged Board Engineers, composed 
Messrs. Ammann, Masters and Ralph Smillie, investigate and 
recommend the type and location, and estimate the cost, the new cross- 
ing required meet the needs the ever-increasing traffic stream. The 
Authority also engaged the firm Coverdale and Colpitts New York City 
analyze the requirements traffic flow and assist the Board Engineers 
their location studies. 

traffic flow study, based area traffic survey data which had recently 
been compiled for the entire metropolitan community the U.S. Bureau 
Public Roads, the City Philadelphia and the Highway Departments 
Pennsylvania and New Jersey, indicated clearly that the new crossing should 
located downstream from the Benjamin Bridge, distance 
two three miles. 

The Board Engineers considered numerous locations this downstream 
reach the river and eventually concluded that two sites were generally 
favorable, one located along the upstream boundary the New York Ship- 
building Corporation plant the New Jersey bank and the other along the 
downstream boundary the same plant. The upper location about 2-1/2 
miles from the Benjamin Franklin Bridge and just inside the city line 
Camden. would require curved alignment for proper connection each 
end. The lower location about 3-1/2 miles downstream where more di- 
rect alignment was possible. However, only about two miles from 
important airfield the Philadelphia Navy Yard. 

The locations were discussed with Navy officials who promptly concluded 
that the lower site should not considered for bridge construction due 
possible interference with the flight patterns Mustin Field. They offered 
objection tunnel this line. 

The Engineering Board found that bridge the upstream site would cost 
$83,418,000 and tunnel the lower site $107,540,000 based six-lane 
capacity both crossings, including adequate approaches both sides the 
river. February the Board unanimously recommended that the bridge 
type adopted “in view the economic advantages, its shorter construction 
time and its lower operation and construction cost.” The Port Authority ac- 
cepted this recommendation and proceeded secure the necessary approvals 
and authorizations the Legislatures New Jersey and Pennsylvania. The 
Authority also made application the Department the Army for approval 
the plan and the navigation clearances over the river. 
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Public Hearings and Establishment Site 


During public hearing, held the Army District Engineer, adverse 
testimony was presented navigation interests. The opposition filed ob- 
jections bearing right way and approach conditions, irrevelant the 
purpose the hearing and demanded construction the tunnel. The contro- 
versy continued until became necessary for the Governors both New 
Jersey and Pennsylvania intercede. The two Legislatures passed identical 
enabling acts, specifying that the Governors were make the final decision 
location and type crossing. With their advisors, they were able 
effect very prompt and satisfactory solution. 

Governors Driscoll and Fine reopened and discussed the problem with the 
Navy Department and secured re-evaluation operations Mustin Field. 
This led withdrawal the Navy’s objection bridge located the low- 
line, where practically all the New Jersey approach would located 
the tidal swamp Newton Creek. July 21, 1952, the Governors directed 
the Authority proceed with the design and construction the bridge that 
site. 

The application for permit was immediately revised for the new location, 
and new hearing was held the District Engineer. The permit was signed 
and issued the Secretary the Army February 26, 1953, formally 
clearing the way for final design and planning the new facility. 

The permit provides for suspension bridge having center span 
2,000 feet and two side spans 770 feet each. The total length the bridge 
proper between cable turning points anchorages 3,540 feet. The main 
span reaches entirely across the navigable portion the stream between 
pierhead lines. provides 150 feet vertical clearance the center and 137 
feet the towers. The navigation this point 1,000 feet wide. 
(See Plates and 


Estimated Traffic 


traffic and revenue submitted April 24, 1953, shows esti- 
mated peak traffic the existing Benjamin Franklin Bridge 32,868,000 
vehicles 1956. 

estimated therein that the Walt Whitman Bridge will carry 15,313,000 
vehicles its first year operation, starting 1957, and that the Benjamin 
Franklin Bridge traffic volume will fall off 21,655,000 vehicles. 1973 
this traffic expected build 36,000,000, the full capacity the eight 
lanes, which time the new bridge will carry 27,546,000 vehicles. 

The Delaware River Port Authority and their engineers gave special con- 
sideration the estimated volumes traffic for the year 1977, twenty years 
after anticipated opening the new Walt Whitman Bridge, when expected 
carry 30,330,000 vehicles, and when the Benjamin Franklin Bridge will 
operating its estimated full capacity 36,000,000. 

The Benjamin Franklin Bridge has roadway width 77'-10" between 
curbs, slightly less than feet per lane its eight-lane arrangement. 

operating efficiently and satisfactorily. Traffic light bridges span the 
roadway suitable intervals along the structure. Each bridge carries red 
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and green light over each lane. These lights are individually controlled 
pilot lighted switchboard the bridge police headquarters. With radio 
control from police car the bridge roadway, the lane traffic lighting 
adjusted meet the demands peak directional movement. Two outside 
lanes the downstream side the roadway are regularly reserved for 
minimum traffic eastbound, and two upstream lanes for westbound traffic. 
The four central lanes are reversible, that four lanes, five and three, 
six and two lanes may used either direction, required. 

When the final planning the new bridge was started was decided in- 
crease the roadway capacity seven lanes instead six, and make pro- 
vision for reversing the three central lanes with traffic light control system 
similar the one the existing bridge. The deck finally designed con- 
sists 79-foot providing average width slightly more than 
feet per lane, and two 3-foot wide service walks. 


Definite Project Report and Estimate Costs 


September 1952, the Port Authority, anticipating issuance permit 
the Department the Army, engaged the two engineering firms, 
Masters Harrisburg and Ammann Whitney New York City for the 
design and supervision construction the new bridge. 

March 1953, the Consulting Engineers completed their preliminary 
general designs and estimate the cost the project. They incorporated 
these data definite project report the Authority, which served the 
basis, along with the traffic and revenue report Coverdale Colpitts, for 
negotiations leading the sale issue Revenue Bonds totalling 
$100,000,000. 

The amount the issue was based the following cost estimate: 


Engineers’ detailed construction cost estimate 71,787,000 
Contingencies 

Total Construction Cost 

Administration, Legal and Engineering 

Property and Right-of-Way 

Total Estimated Project Cost ,000, 
Other Financing Requirements the Port Authority 
Total Bond Issue 


The issue was sold under very favorable terms the Authority May 
1953 slightly over par with interest rate averaging 3.43 per cent. 


Extent Project 


The total project six miles length. starts the intersection 
Passyunk and Vare Avenues southwest Philadelphia and runs along the 
general line Packer Avenue toll plaza located between Front and 
Fourth Streets, thence viaduct approach leads the Philadelphia anchorage 
the suspension bridge over the river. From the Gloucester anchorage, 
approach viaduct extensive interchange with the new North-South 
Freeway the New Jersey Highway Department, thence passes eastward 
through the swamp area Newton Creek direct connections with Crescent 
Boulevard, and beyond connections with Black Horse Pike. The overall 
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length the main bridge and approach viaducts between abutments 12,950 
feet. 

The project divided into three major sections; viz., the Philadelphia 
Approach with the Toll Plaza, the Main Bridge, and the New Jersey Approach. 


The Philadelphia Approach 


The western approach consists steel viaduct, toll plaza, and ap- 
proach roadways the westerly portion. (See Plate IV.) The steel viaduct 
composed deck type truss, girder and rolled beam spans, supported 
reinforced concrete bents and columns. extends from the anchorage 
ground level near Front Street and has grades varying from 2.72 per cent 
2.15 per cent. The toll plaza constructed fill few feet above normal 
ground levels. The western approach roadways are generally low fills 
and overpass structures and extend from Fourth Street the vicinity 
25th Street where the line veers northward termination Vare and 
Passyunk Avenues. (See Plate V.) 

The site generally along the line abandoned track and yards the 
Pennsylvania and the Baltimore and Ohio Railroads just south Packer 
Avenue. 

Direct access the bridge provided 6th Street, Randolph Street, 
Broad Street, Penrose Avenue and Vare Avenue with exits 7th Street, 
10th Street, Broad Street, Penrose Avenue, Passyunk and Vare Avenues. 
addition serving city street traffic efficiently, this layout establishes con- 
nection directly with the Penrose Bridge over the Schuylkill River the 
southwest and, way Vare Avenue, with the new Schuylkill Expressway 
through the heart the city and northwestward direct connection with the 
Pennsylvania Turnpike. Provision made for future direct connection with 
the Delaware Expressway, project which now being developed the 
Planning Commission the City Philadelphia, and which planned run 
northward close the river front and beyond the northern limit the city. 

The toll plaza plan provides for lanes toll collection, Administra- 
tion Building and suitable garage and maintenance buildings. 

The plaza and part the approach embankments are located over part 
area which has remained undeveloped, except for public dumping pur- 
poses, due the existence swampy conditions and soft silt stratum 
feet thick near the surface. 

The silt being removed its full depth and the backfill and fill are 
being placed hydraulic operations. 

All structures this area are supported concrete piles, driven firm 
underlying sand strata. 


The New Jersey Approach 


The New Jersey approach has been designed provide uninterrupted 
movements traffic via direct connections between the bridge and the North- 
South Freeway presently being constructed and other direct connections 
the existing arterial highways known Boulevard, Black Horse 
Pike and Nicholson Road. (See Plate VI.) These turn will serve dis- 
tributors several other existing and proposed arterial highways the 
larger area tributary the bridge. 
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The approaches, which are located largely tidal marsh, include 
construction approach roadways stabilized embankments, the reloca- 
tion portions Newton Creek and its branches, the building extensive 
and lengthy approach viaducts, grade separation structures, stream bridges 
and the landscaping areas adjacent the roadways. 

The low level approaches, which extend generally from the North-South 
Freeway Black Horse Pike, consist principally stabilized sand embank- 
ments. Fill material was dredged locally from the Delaware River, and 
placed hydraulically. Three methods stabilization were employed depend- 
ing the soil conditions revealed extensive subsurface investigations. 
some instances, the organic muck and other soft soils were removed 
dredging and clean sand used backfill. other cases the placing 
overload the hydraulic fill was sufficient secure proper stabilization. 

still other areas, the sand drain method was utilized assure adequate 
consolidation the embankment foundations. 

The high-level approach superstructure consists multiple stringer 
spans and simply supported truss spans, all the deck type. The choice 
type deck span largely governed the economies design, with due 
consideration existing land usage, the horizontal alignment the struc- 
ture, the height the structure above grade and foundation conditions. 
The substructures are the reinforced concrete bent type supported 
cast-in-place concrete piles driven practical refusal the sand and 
gravel strata located below the organic silt which generally covers the area. 

The maximum grade the main roadway 3.0 per cent and the ramps 
5.0 per cent. 


Main Bridge Foundations 


Subsurface Conditions and Geology 


The foundations for the suspension bridge have been designed the basis 
detailed and extensive subsurface investigations the site each pier 
and anchorage. Similar work was done along the approaches and piles were 
driven and tested where necessary develop appropriate design criteria. 

the site the main bridge, bed rock found elevations -150 feet 
200 feet the Philadelphia side, and about 250 feet the Glou- 
cester side. gneissic formation with decomposed top layer some 
areas. This rock deeply overlaid, both sides the river, various 
strata compact materials consisting fine sand, mica flakes, medium 
sand, red, white and gray compact clays, coarse sand, and medium coarse 
gravel. (See Plate These strata provide suitable foundations for heavy 
loads, well above the rock, and much nearer the surface. 

Top soil, miscellaneous fill materials are found the surface the 
banks. This surface material underlaid blanket silt, varying from 
feet deep the Philadelphia anchorage, about reet the river bed 
both tower pier locations, and fading out under the Gloucester anchorage. 

The zone compact colored clays and clay-sand-gravel mixtures 
found -90 feet the Philadelphia side and much feet thick. 
found -95 feet under the west tower pier and feet thick, -85 feet 
the east tower with thickness feet, and -80 feet under the Glou- 
cesier anchorage, where about feet thick. each case, this stratum 
overlaid with sand and gravel mixtures which indicated satisfactory 
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bearing capacity, subject some consolidation the underlying compact 
clay. 

Laboratory tests undisturbed samples the clay, both triaxial and 
unconfined compression showed shearing strengths averaging about two tons 
per square foot, which exceptionally strong for clay. With such stable 
material was concluded that the main piers and anchorages could safely 
founded above the clay stratum, depending upon the suitability the 
higher materials. 

The geology the site interest connection with this conclusion. 
The compact clay stratum has been identified the Raritan Formation, 
Upper Cretaceous Age the Mesozoic Era. has age about 80,000,000 
years. The underlying sand, gravel, and decomposed mica schist strata are 
the same era. suspected that the Raritan Formation has been heavily 
preconsolidated some time the past. The consistency and strength 
the colored clays found these investigations appear support this conclu- 
sion. 

The sand and gravel, overlying the colored clay, are more recent ori- 
gin. They are the Cape May formation deposited the Pleistocene- 
Pliocene Age the Cenozoic Era. 


Tower Piers 


Upon further careful study the sand and gravel strata above the hard 
clay was concluded that “net additional” founding loads 4.5 tons per 
foot could safely applied the subsoils all pier locations, and 
depths which involved unusual construction. 

The term “net additional pressure” used this design defined 
the gross buoyant pressure the pier base, less the buoyant weight any 
counteracting column earth just outside the pier base. Since dredging 
along-side the tower piers prospect assumed depth for 
navigation purposes the depth the counteracting earth column used this 
design anticipated that condition. 

The two main tower piers are each founded rectangular open dredged 
caisson, feet 174 feet plan. Each has dredging wells feet 
inches diameter. The lower chambers these caissons are sealed with 
tremie concrete fifteen feet thick. The average founding level base 
seal El. -104.8 the clay stratum for the Philadelphia pier, and El. 
-74.1 sand and gravel, with some clay, for the Gloucester pier. The 
caisson dredging wells are left filled with water. They are sealed the top 
caisson about El. -14 concrete distributing block which extends 
El. -6.5. The pier shafts are granite faced and extend above water El. 
+18.65, the level the bearing areas for the bases the two steel towers 
the suspension bridge. 

The maximum pressures under each these two piers closely approxi- 
mate the 4.5 tons per square foot “net addition” the cutting edge level. 
This takes into account the full dead and live loads and all conceivable erec- 
tion, wind and temperature movements from the towers, except that com- 
bination pressures including wind forces excess per cent over the 
4.5 tons was allowed safe foundation loading. 

Some consolidation the founding materials under these towers antici- 
pated, based the results laboratory load-consolidation tests the 
underlying clays. About 3-3/4 inches settlement between the time 
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sealing the caissons and the completion construction indicated the 
consolidation curves, and final 3-3/4 inches more the following ten years 
predicted. 


Anchorage Substructure 


suspension bridge this magnitude requires anchorages correspond- 
ingly huge dimensions and weight. the ground line these structures are 
200 feet long and 120 feet wide. They extend height 130 feet and the 
depths required reach suitable founding stratum. For the purpose de- 
sign and construction this project, the anchorages are divided about the 
existing ground levels, El. +8.0, into substructure and superstructure com- 
ponents. 

The substructure portions are unique design, providing remarkably 
uniform distribution loads under the foundation upon completion the 
bridge, and effecting substantial economy over-all cost the foundation. 

Normally such foundation would designed single huge caisson, 
possibly group three caissons sized and spaced provide safe- 
for maximum loading the back heel the anchorage during the con- 
struction phase. Uniform loading the foundation usually attained only 
for short time about mid-stage during the erection the suspended 
structure. Upon completion the line maximum pressure lies along the 
front toe the foundation, since the pull the cables tends tip the 
anchorage forward. 

this design only the front portion the anchorage supported 
cellular type rigid foundation, originally conceived open dredged 
caisson; but actually constructed cofferdam. This cellular footing 144 
feet wide and 124 feet long. 

The rear the anchorage, over which the dead weight the anchorage 
superstructure mass largely concentrated, supported 202 cast-in- 
place reinforced concrete piles, inches diameter. The piles are driven 
area 145 feet wide and 155 feet inches long. 

The Philadelphia anchorage footing sealed bed sand, gravel and 
clay El. -59.3, while the one Gloucester sealed El. -52 the same 
type material. The maximum foundation pressure occurs under these 
footings after the structure completed, under conditions live loading. 
This pressure practically uniform 3.45 tons “net additional” per square 
foot. 

The piles are driven tip elevation -67 the Philadelphia side and 
El. -35 the Gloucester anchorage. These elevations were determined 
satisfactory application loads 250 tons test piles driven 
initial stage the work. During the construction phases these piles are 
loaded about 125 tons each, but after the bridge completed, and the full 
cable pull developed, the maximum load any pile will 103 tons, and 
the average loading the pile group will tons per pile. 

The long range total settlements under the anchorages are estimated 
2-1/2 inches under the toe and 1-1/2 inches the heel, range which can 
have only minute effect the bridge structure. 
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Major Design Considerations 


Experience the Benjamin Franklin Bridge indicates that the amount 
traffic during peak hours directionally unbalanced pronounced degree, 
that there the need deck slab heavy load carrying capacity, that 
bituminous concrete pavement has been satisfactory and advantageous 
from maintenance point view, and that lane width eleven feet 
ample. 

Accordingly the roadway the Walt Whitman Bridge provided with 
two-course, seven-lane bituminous concrete pavement 79'-0" wide between 
curbs. median dividing strips are provided. This permits flexibility 
meeting directional traffic demands. the suspended structure specially 
designed inch deep concrete filled steel grid slab used, while for the 
approaches, which added weight not critical, the deeper conventional 
reinforced concrete slabs were preferred. 

Experience and model tests have established that, for better aerodynamic 
stability long-span suspension bridges, desirable use open stiff- 
ening trusses and trussed floorbeams instead deep solid-web girders, 
provide both top and bottom lateral systems for ample torsional rigidity, and 
vent the floor structure the extent practicable. addition essen- 
tial provide adequate vertical rigidity selection the proper depth 
stiffening trusses. All these features are incorporated the design the 
suspension structure the Walt Whitman Bridge (See Plates and 

establishing the appropriate vertical stiffness the structure against 
wind action, the designers used the principle established Ammann 
presented 1943 treatise entitled “An Evaluation the Factors which 
Influence Oscillations and Failure Suspension Bridges Under Wind Action.” 
Mr. Ammann indicated therein that the predominating factor controlling the 
behavior the structure its rigidity the planes the cables, which 
dependent upon the length center and side spans, the sag the cables 
the center span, the suspended dead weight and the elastic and dynamic stiff- 
ness the stiffening system. Since each these factors largely deter- 
mined consideration influences other than wind, the problem provid- 
ing adequately against dynamic wind forces one determining what stiff- 
ness the stiffening system required. Mr. Ammann developed formulae 
for the stiffness the center and side spans, which when applied some 
existing bridges showed striking consistency between the behavior the 
various bridges under wind and the “stiffness index” value thus obtained. 
view this consistency concluded that “stiffness index” the range be- 
tween 600 800 can expected provide sufficient rigidity against wind 
action. The “stiffness index” the Walt Whitman Bridge 760. the 
same basis the stiffness the Tacoma Narrows Bridge which failed was 
about 160 which, especially view its solid plate stiffening girders and 
floorbeams, extremely low value. 

Tests wind tunnel section the suspended structure, such 
have been made for number other suspension bridges considerable 
expense and consumption time, were not considered necessary prac- 
tical value for the Walt Whitman Bridge. Such tests may furnish additional 
indications the relative behavior suspension bridge particular 
type design compared other designs, but they cannot relied upon 
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themselves furnish reliable proof the degree stability 
“Stiffness index” term which represents the inverse the deflection, 
the load per foot bridge covering the half span from tower center 
which produces deflection one foot the quarter point the center span. 
The half-span loading from the tower the center used since under that 
loading the elastic line represents fairly closely the form the cable when 
oscillates the most dangerous single-node condition. Expressed equa- 
tion form, taking into account the stiffness the cables, center and side span 
stiffening trusses and the effect damping, the “stiffness index” ex- 
pressed follows: 


L4 


stiffness index 

length center span units 1000 feet 

length side span units 1000 feet 

moment inertia all stiffening trusses center span expressed 

dead load pounds per foot bridge 

center span cable sag expressed feet. 


The susceptibility suspension bridges with single lateral system 
torsional motions under wind action has been observed number exist- 
ing bridges and has been confirmed numerous model tests wind tunnels. 
The effectiveness double lateral system materially reducing torsional 
motions has been amply demonstrated. The torsional stiffness the sus- 
pended structure the Walt Whitman Bridge has been increased about thir- 
teen times and the torsional stiffness the combined cables and suspended 
structure nearly three times the introduction second lateral system 
relatively small additional cost. 

The torsional stiffness was determined numerical method developed 
Clifford Paine and checked independently formulae developed the 
designers. 

The torsional stiffness determined assuming the two center span 
stiffening trusses supported prevent any rotation the deck the 
towers and applying two equal and opposite torques uniformly distributed 
over half span lengths produce anti-symmetric torsion the suspended 
system. The deflection due this loading calculated the quarter point 
span for the structure with one lateral system and for the structure with 
top and bottom lateral systems. The ratio these deflections indicates the 
relative torsiona] resistance the two types framing. 

Venting the deck accomplished the use aluminum open grating 
the service walks, 15-inch wide open steel grid decking both sides 
the roadway and open steel curbs. 


Design Specifications for Suspension Bridge Superstructure 
Following are the design specifications used for the Walt Whitman Bridge: 


GENERAL 


Except modified herein, design loads and allowable unit stresses shall 
accordance with 1949 Specifications the American Association 
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State Highway Officials. Unless otherwise noted, all unit stresses are 
given pounds per square inch. 


LOADS 


Dead Load. The design dead load shall consist the computed weight 
the structure, with allowance for future wearing surface, snow 

The dead load shall computed the basis the following weights, 
and shall include allowance 400 pounds per linear foot bridge 
for future utilities: 
Steel Cast Steel 490 lbs. per cu. ft. 
Air-entrained Concrete 140 lbs. per cu. ft. excluding reinforcing 
steel. 


Live Load. 

For Stiffening Trusses, Cables, Towers and Anchorages. 3,250 lbs. 
per ft. bridge. 

For Floor System—H20-S16-44 per 1949 A.A.S.H.O. Specifica- 
tions. 

Impact.—Impact shall applied the floor system and suspenders 
only. Impact factor shall determined accordance with 1949 
A.A.S.H.O. Specifications. The maximum value impact shall 
per cent. 


Traction and Braking. Omit these loads, except details floor sys- 
tem, for which use loads specified for Floor System. Assume all 
traffic move one direction. 


Wind Loads. 
Exposed Area Structure 
Transverse Wind. 

Area structure seen side elevation plus area lee- 
ward truss, railings, suspenders, cables, handropes and leeward 
tower shafts, except the portions shielded the floor system. 
The exposed area all ropes and cables shall taken two- 
thirds the projected area based the gross diameter. 

Longitudinal Wind. 

One half the area all truss members, floorbeams, later- 
als, sway bracing, stringer diaphragms, suspenders and railing 
posts seen cross-section the suspended structure. Entire 
area towers seen elevation. 

Wind Pressure. 
The wind pressure the exposed areas shall assumed mov- 
ing load the following intensities: 
lbs. per sq. ft. the floor structure. 
Ibs. per sq. ft. the towers, cables and suspenders. 

Quartering Winds. 
considering quartering winds, the assumed total simultaneous ef- 
fect shall based 0.7 the computed transverse load and 0.7 
the computed longitudinal load. 

For combinations wind loads with gravity loads and effects 
temperature changes see specifications for unit stresses. 
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Temperature Changes. 
For stresses due temperature changes, variation plus 
minus 50° from mean temperature 60° shall assumed. 
For movements due temperature changes, variation from 
+130° shall assumed. The normal shop temperature shall 
assumed 68° 


Settlements. 
The settlements the anchorages and the tower piers shall de- 
termined various stages construction, including the starting 
construction the cables, completion the cables and completion 
the structure and intervals time after construction until the ulti- 
mate settlements have taken place. The initial location the strand 
shoes, saddles and tower tops shall such reduce the effects 
settlements during and after construction minimum. 


UNIT STRESSES 


Stiffening Trusses and Towers. 
Combination Loads. 
Maximum stresses and reactions shall determined for the follow- 
ing combinations loads and forces: 
Combination No. Dead load, settlement, temperature, and live 
load. 
Combination No. Dead load, settlement, temperature, and wind. 
Combination No. Dead load, settlement, temperature, one-half 
live load and one-half wind. 
Allowable Unit 
Combination No. Towers—normal allowable unit stresses. 
Stiffening Trusses—1.1 normal allowable unit 
Combination Nos. and 1.25 normal allowable unit stresses. 
Normal Allowable Unit Stresses. 
Structural Carbon A7-49T 
Yield Point 33,000 p.s.i.—minimum 
Ultimate Strength 6,000 p.s.i.—minimum 
Assumed Modulus Elasticity 29,000,000 p.s.i. 
Axial tension tension extreme fibers—net 
section 18,000 
Compression extreme fibers sections 
subjected bending 
flange width 18,000-5 


Bending and direct stress towers 16,500 
Axial Compression Riveted ends 


least radius gyration 


Shear Girder Webs 

Diagonal Tension Girder Webs 
Shear Power Driven Rivets and Pins 
Bearing Pins not subject rotation 
Bearing Pins subject rotation 
Bearing Rivets and Milled Stiffeners 


2 
15,000-0.25 


11,000 
18,000 
13,500 
24,000 
12,000 
27,000 
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Laterals. 
Design Load 
lb. wind 
Allowable Unit Stresses 
Normal allowable unit stresses. 


Floor Systems. 
Combination Loads 
Combination No. Dead load, live load and impact 
Combination No. Dead load, live load, impact, traction and tem- 
perature 

Combination No. Dead load and lb. wind 

Combination No. Erection stresses 

Combination No. Erection stresses including lb. wind 

Allowable Unit Stresses 

Combination No. Normal allowable unit stresses 

Combination Nos. and 1.25 normal allowable unit stresses 

Combination No. 1.50 normal allowable unit stresses 

Normal Allowable Unit Stresses 

Structural Carbon Steel 
Same for Trusses, Laterals and Towers 

Concrete 
The following allowable unit stresses are based concrete 
having minimum ultimate strength 3,000 p.s.i. days; 
n=10 
Compression extreme fibers—bending 1,000 


Tension extreme fibers 

Shear, beams without web reinforcement 
Longitudinal bars not anchored 
Longitudinal bars anchored 

Shear, beams with web reinforcement 
Longitudinal bars not anchored 
Longitudinal bars anchored 

Punching Shear 

Bearing bridge seats 
*Not exceed 700 p.s.i. average stress 

Steel Reinforcement 

Intermediate Grade 

Tension flexural members 

Tension web reinforcement 

Bond, bars not anchored 

Bond, bars anchored 


Cables, Suspenders and Anchorages. 

Combination Loads 
Maximum stresses shall determined the 
tions loads and forces: 
Combination No. Dead load, live load* and 

*For suspenders include impact. 

Allowable Unit Stresses 

Combination No. Normal allowable unit stresses 
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Normal Allowable Unit Stresses 


Cables (Parallel wire—after galvanizing) 
Yield Point 160,000 p.s.i. minimum 
Ultimate Strength 225,000 p.s.i. minimum 
Tension Average for cable 82,000 p.s.i. 
Assumed Modulus Elasticity 29,000,000 p.s.i. 
Suspenders (Pre-stretched) 
Galvanized wire rope with independent wire rope center 
Properties Wire: 
Yield Point 160,000 p.s.i. minimum 
Ultimate Strength 225,000 p.s.i. minimum 
Tension One-quarter ultimate strength single part test 
one-third ultimate strength double part test. 
Assumed Modulus Elasticity 20,000,000 p.s.i. 
Annealed Cast Steel for Cable Bands— 
ASTM A27-52T Grade 65-35 
Yield Point 35,000 p.s.i. minimum 
Ultimate Strength 65,000 p.s.i. minimum 
Tension Combined Axial and Bending 
Alloy Steel Bolts and Studs with Suitable Nuts 
for Cable Band Bolts— 
ASTM Grade 
Yield Point 80,000 p.s.i. minimum 
Ultimate Strength 105,000 p.s.i. minimum 
Tension root thread 33,000 
Annealed Steel Castings—ASTM A27-52T Grade 65-35 
Yield Point 35,000 p.s.i. minimum 
Ultimate Strength 65,000 minimum 
Allowable unit stresses compression and bearing shall the 
same for structural carbon steel. Other allowable unit 
stresses shall three-fourths those for structural carbon 
steel. 
Cast Stainless A221-44 Class 
For Anchorage Saddle Rollers 
Yield Point 50,000 p.s.i. minimum 
Ultimate Strength 80,000 p.s.i. minimum 
Bearing rollers 600d where “d” diameter rollers inches. 
Carbon Structural Steel 
Same for Stiffening Trusses and Towers 
Concrete 
Same for Floor System. 


Live Loading 


All approach spans and all parts the suspended structure the main 
bridge, except the grid flooring and stiffening trusses, are designed carry 
the loads specified the A.A.S.H.O. design specifications, based H20-S16 
truck loading the equivalent. 

design specifications for live loading not apply long span 
bridges and there generally adopted specification covering live loads 
such structures. For long spans, the equivalent uniform live load per foot 
bridge dependent the length loading and the number lanes 
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loaded. Observations made traffic conditions several the East River 
long-span bridges New York City during the early stage the design 
the George Washington Bridge led the adoption the following formula 
for the design that structure: 


live load per foot ten-foot wide lane, 

length uniform load producing greatest stress, and 

number loaded lanes, the load all lanes the same, the 
equivalent number heaviest loaded lanes. 


The intensity live load was varied with loaded length and the governing 
loading was determined for the specific part question trial. 

Subsequently, for the design the Triborough Bridge and the Bronx- 
Whitestone Bridge New York City, the designers recognized that the re- 
finement varying loading intensity with variations length load was not 
warranted view the conservative assumptions which formed the back- 
ground the above noted formula. Accordingly the uniform load per foot 
bridge was maintained constant for the design the cables, towers, stiff- 
ening trusses and anchorages. This latter method was used the design 
the Walt Whitman Bridge. 

The live load per foot bridge, the length center span and the number 
lanes per structure actually used, and derived the above stated 
formula are given the following table for some the more recently built 
suspension bridges and for the Walt Whitman Bridge: 


Name Span No. Live Load Pounds per 
Length Foot Bridge 
Bridge Feet Lanes Designed Formula 


Triborough 1,380 4,000 4,100 
Bronx-Whitestone 2,300 3,000 2,860 
Delaware Memorial 2,150 2,250 2,110 
Walt Whitman 2,000 3,250 3,340 


Cables, Suspenders and Cable Anchor Chains 


The two cables are designed carry estimated dead load 16,700 
plus the specified live load 3,250 pounds per foot bridge, with maxi- 
mum allowable unit stress 82,000 p.s.i. Each cable consists strands 
and each strand has 308 No. U.S. gage galvanized cold drawn parallel wires. 
The diameter the cable after compacting approximately 23-1/8 inches. 

The center span cable sag 195 feet, which gives sag span ratio 
little less than 10. This value reflects compromise between minimum 
cost and maximum desirable degree flexibility the system. 

The cables are wrapped between cable bands with No. U.S. gage gal- 
vanized steel wire. The material the wrapping wire required meet 
the same specifications that the cable wire. 

The suspender ropes which pass over the cable bands are located forty 
feet centers alternate floor trusses and are made strands around 
wire rope center. Two suspender ropes are provided each band and each 
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rope has metallic area 2.55 square inches and approximate diameter 
2-1/4 inches. 

Each cable band consists pair steel castings 1-1/4 inch thick. The 
bands are cast with grooves engage the suspender ropes, with bolt hous- 
ings and with recesses receive the cable wrapping wire. They are secured 
the cable 1-3/4 inch diameter heat treated bolts that develop the clamp- 
ing forces necessary prevent the band with the suspenders from sliding 
down the cable. 

The interior contact surfaces the bands are finished circumfer- 
ential direction with cuts per inch order assure adequate frictional 
resistance. Tests made bands the original Philadelphia-Camden Bridge 
show that this finish develops coefficient friction about 0.60. 

The cable band bolts are proportioned provide safety factor against 
sliding 4.0 for dead load and 3.0 for dead load plus live and impact loads. 
High initial safety factors are necessary because possible relaxing the 
bolt tension due readjustment the cable wires which takes place 
course time, undoubtedly due part stress variations and vibrations 
under live load. Experience number suspension bridges indicates that 
such loss bolt tension may minimized using bolts with relatively 
large total elongation. The ratio length bolt between bearing surfaces 
heads and nuts cable diameter for given bolt stress measure 
the sensitivity the detail this respect. Most long-span suspension 
bridges built this country have ratio bolt grip cable diameter 
from 0.60 0.80. Several bridges having ratio 0.71 less have re- 
quired bolt retightening after period years. The ratio used for the Walt 
Whitman Bridge 0.80. 

The steel fabricating companies longer have forging machines manu- 
facture eyebars the size and lengths usually required for suspension 
bridge cable anchor chains and the bars must therefore fabricated from 
plates. Since forging improved the physical properties the eyebars, previ- 
ous design specifications for eyebar heads are longer applicable. The 
eyebar heads for this bridge were designed pin connected plates and were 
proportioned the transverse section through the pin hole resist direct 
tension 18,000 p.s.i. The shanks the eyebars were dimensioned re- 
sist direct tension and bending 27,000 p.s.i. additional width shank 
and head was provided permit one-quarter inch grinding each side 
remove any possible hair cracking that may have occurred during fabrication. 
The strength was checked formulae developed Mr. Bruce Johnston.4 

The bars the cable anchor chains are heat-treated alloy steel and are 
flame-cut eyebar shape rather than left full-width plates. This effects 
economies shipping and handling, saves the scrap value the material 
cut away and reduces the crowding bars the anchorages. 

The specified physical properties the eyebars obtained after quenching 
and tempering the bars after flame cutting, but before final boring the pin 
holes are: 

Yield strength 50,000 p.s.i. minimum 
Ultimate strength 80,000 p.s.i. minimum 
Elongation feet minimum 
Reduction area 35% minimum 


“Pin-Connected Plate Links” Bruce Johnston, Paper 2023, Volume 
104, Transactions A.S.C.E. 
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typical chemical analysis the alloy steel used follows: 
Carbon 0.38% 
Manganese 0.75% 
Phosphorus 0.011% 
Sulphur 
Silicon 0.24% 


Each chain bars straight line continuation the cable strand. The 
arrangement eyebars such that they can receive the cable strands with 
minor interference between strands they leave the anchorage saddle, and 
produce uniform distribution the cable stress the concrete anchor 
block below means the anchor girders. 

The total length embedment required engage the necessary mass 
concrete determines the length the eyebar chain, but the length the indi- 
vidual bar limited the length that can accommodated the available 
testing machines. For this reason, three tiers eyebars are used each 
chain. (See Plate X.) 

The anchor girders are designed the selection the proper relation- 
ship distance between eyebar pins with end cantilevered lengths produce 
equal tensions the eyebars with uniform bearing per foot anchor girder 
the concrete mass. 

Anchor girder fabrication costs were reduced minimum avoiding 
pin plates through the use 1-7/16 inch thick web plates, feature which 
was endorsed the steel fabricators. 

The eyebar heads are shaped with larger tapered section from the shank 
the pin hole than was previously used forged bars. (See Plate 
the thirty-one full-size eyebars tested destruction, required the 
contract specifications, all met the required total ultimate load and none 
fractured within the region the heads. 


Tower Saddles 


The tower saddles supporting the cables are cast steel and weigh ap- 
proximately tons each. 

Tests have shown tensile strength the cable wire slightly re- 
duced the compression perpendicular the wires the saddles. Since 
the compression stress inversely proportional the ratio the saddle 
radius the cable diameter, this ratio conventionally made exceed 
specific minimum value. limiting value saddle radius measuréd the 
centerline cable equal times the cable diameter, was adopted. The 
actual radius used was made somewhat larger than the minimum required 
order reduce the shearing and bending stresses the casting. 

Each saddle was cast one piece and machined its final dimensions. 

coarse finish 500 microinch was provided within the trough the saddle 
provide sufficient friction prevent the cable from slipping. 

The saddles are protected from the weather steel housings. 


Anchorage Saddles 


The anchorage saddles are also cast steel. Each weighs approximately 
tons. 

Design and criteria for this saddle are similar those for the tower 
saddle, except that provision was made for the flaring the cable strands 
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from the rear the saddle the eyebars. 

The minimum radius the saddle trough may somewhat less than that 
for the tower saddle since the cable tension the anchorage less than 
the tower. However, the length the saddle and the trough radius was gov- 
_erned the number and size rollers upon which the saddle bears. 

Cast stainless steel segmental rollers are used under the saddles. Car- 
bon steel bearing plates, clad with corrosion resistant steel, are provided 
above and below these rollers. The use stainless steel avoids the need 
grease boxes and permits ready inspection and ease painting. The entire 
assembly protected from the weather housing which open the in- 
terior the anchorage. Large ventilation openings the anchorage 
are provided avoid still air which would otherwise high humidity. 

Each anchorage saddle was cast one piece and finished similarly the 
tower saddle, except that the trough was machined 100 microinch finish 
permit slipping the cable strands during adjustment. The base the 
casting was given 125 microinch finish. 


Towers 


The type tower selected for this bridge similar outward appear- 
ance those used for the Bronx-Whitestone Bridge and the Delaware Mem- 
orial Bridge. Basically, each tower consists the two vertical shafts con- 
nected the top and below the suspended deck arched portal struts, 
forming effect two-story rigid frame. (See Plate XII.) The overall 
height tower from top pier underside cable saddles 352 feet. 
The clear distance between shafts 86'-10". 

The rectangular shape, cross section, the tower shaft departure 
from the cross and tee sections used most previous tower designs. The 
type section adopted placed the material very effective position and 
incidentally provides open center well adequate size accommodate 
elevator for inspection and maintenance purposes. (See Plate XIII.) 

structural make-up the shafts consist web plates and connecting 
angles forming cells arranged about the open center well. The maximum 
thickness material 7/8 inch. Variation thickness material and 
variation shaft widths give economically proportioned tower with almost 
uniform maximum unit stresses for its full height. The inner face each 
shaft kept vertical which, incidentally, provides considerable convenience 
during the various phases shop work and erection. 

facilitate shop handling, shipping and erection, each shaft divided 
into ten tiers. Each tier further subdivided generally into four vertical 
units two four cells. The maximum erection lift, that the first 
40-foot high section above the base section, was 66.5 tons. 

Between each the horizontal splices, which are located approximately 
feet apart above the base section, the cells are stiffened three planes 
horizontal diaphragms. The diaphragm plates are milled all four edges 
which assures accurate spacing the web plates and maintains the rectangu- 
lar shape the cells. Openings the diaphragm plates provide access 
means vertical ladders for the full height all cells. 

17'-6" 23'-6" steel plate, furnished four parts, inches thick, 
under the base section each shaft distributes the tower loads the pier 
tops. All shaft web plates are joined this base plate 5/8 inch inter- 
mittent shop fillet welds made preheating the steel and the use 
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low-hydrogen welding rods. The use the welded connection, place 
riveted connection angles used most previous tower designs, makes for 
simpler detail and eliminates additional milling the riveted connection 
angles and countersunk rivets through the base plate. 

The tower fixed the pier means twenty-eight inch diameter 
steel bolts each shaft. These bolts were required tightened 55,000 
pounds tension the start tower erection, and were check tightened 
completion tower erection, after the erection all the suspended struc- 
ture and such other times during construction directed. The maximum 
bearing stress under the base plate the tower shaft 450 p.s.i. average 
and 950 p.s.i. corner stress. 

general horizontal tower shaft splices were designed develop per 
cent the strength the material the outer faces and per cent the 
lesser stressed interior material. Notwithstanding the fact that the sections 
the tower shafts were assembled the shop and the field connections 
reamed size with the abutting sections full contact, some slight varia- 
tions accumulated lengths units during erection were anticipated. 
could not expected that the abutting surfaces the top horizontal splice 
would full contact and that the same time the necessary uniform 
bearing surface the tower top under the cable saddle would secured. 
Therefore, avoid dependence contact milled surfaces, the top splice 
was designed develop 100 per cent the strength the material with all 
holes reamed size aftererection. This procedure avoided delays which 
would have resulted from the taking field measurements the splice and 
the subsequent completion fabrication the top sections the required 
lengths. 

After the spinning the cables, the effect the erection the suspended 
structure deflect the tower riverward. allow for this movement and 
still assure that the completed structure the towers would have their 
theoretical shoreward deflection 2-1/2" for balanced stress conditions, 
the tower saddles were required offset inches shoreward from the 
vertical center line tower the start cable spinning. Then, erection 
the suspended structure progressed, the saddles were gradually moved 
their permanent fixed position near the center line the tower. facilitate 
this movement, machine finish microinch was specified for the con- 
tact surfaces between the saddle and the tower top. The expected coefficient 
friction between the contact surfaces per cent. The use hydraulic 
jacks, applied horizontally the cable saddles, was specified assure 
positive control the movements all times. 

addition its own weight 9,500,000 pounds, each tower carries the 
vertical concentrations from the cables which are 36,000,000 pounds from 
dead load and 6,600,000 pounds from live load and temperature. Direct com- 
pression stresses from the above loads are combined with bending stresses 
caused the deflection the tower top. For the most unfavorable position 
live load, and with maximum change temperature taken 50°F above 
and below the normal 60°F, the tower tops will deflect 14-1/2 inches 
channelward shoreward. Stresses caused wind forces required in- 
crease the sectional make-up the shafts. 

Structural A-7 steel was used for all material the towers. All rivets 
are inch diameter. 
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Suspended Floor System 


view the progressively increasing axle loads which modern highways 
are called upon carry, was decided design the deck slab for relative- 
low allowable unit stresses. However, every pound added the weight 
the deck slab requires additional materials most parts the structure, 
particularly the towers, cables and anchorages. The utilization rein- 
forced concrete slab conventional design was found uneconomical. spec- 
ially designed concrete filled steel-grid floor was adopted order mini- 
mize the weight and provide greater stiffness and load capacity than avail- 
able with standard commercial designs. (See Plate IX.) 

The adopted grid slab utilizes specially rolled I-beams, spaced 
centers running transversely over the stringers. All longitudinal bars are 
the deformed type, are fully encased concrete and are welded the webs 
the I-beams. The grid filled flush its top with air-entrained 
Portland cement concrete. The total weight the structural slab, exclusive 
the 2-1/2" bituminous concrete pavement, pounds per square foot, 
approximately three-quarters that conventional reinforced concrete 
Slab that could used. 

The I-beams the grid are welded the stringers with welds strong 
enough develop composite action between the slab and the stringers. The 
stringers, however, are designed carry the full dead load plus live and 
impact loads without the aid the slab. 

Participation the stringers the over-all bending the structure 
reduced admissible degree the introduction roadway relief joints. 
They are located approximately 120 feet centers, where the stringers are 
connected the floor trusses shouldered bolts through slotted holes in- 
stead the riveted detail used intermediate floor trusses. 

The stiffening trusses are constant 18'-0" depth through the full length 
the bridge. Both top and bottom chords are A-7 steel, 2'-3" wide and 
2'-6 1/2" deep. The width the chord determined the 27" dimension 
the wide-flange rolled sections selected for the verticals and diagonals 
the stiffening trusses. The areas the top and bottom chords, well the 
vertical distance between centers chords, were determined the stability 
requirements the suspended system, expressed the “stiffness index” 
value previously discussed, modified necessary stress requirements 
from static loading. 

The maximum gross areas the sections the upper and lower chords 
the side spans are 135.7 and 123.0 square inches respectively, each lo- 
cated the center the span. The area requirements were kept mini- 
mum the fixed end framing the lateral systems the anchorages. 

The maximum areas the gross sections the upper and lower chords 
the center span are 101.5 and 87.7 square inches, respectively. Each 
occurs approximately the one-sixth point the span. 

The stresses the horizontal wind trusses were determined using the 
specified static wind loads the method derived during the design the 
George Washington which takes into account the participation the 
stressed Deflections the suspended floor system thus determined 
are very much greater than any actual lateral movements observed 


See paper entitled “Suspension Bridges under the Action Lateral Forces” 
Moisseiff and Lienhart 1933 A.S.C.E. Transactions. 
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long-span suspension bridges under heavy wind action. The marked differ- 
ence theoretical and observed deflections expected since the static 
wind load assumes the structure acted upon steady wind stress 
uniform direction and intensity, whereas the case actual long-span 
bridges wind action subject continuous and rapid changes intensity, 
direction, inclination and distribution along the length the structure. 
this erratic behavior wind which impresses the designers with the fact 
that results model tests wind tunnels and conclusions derived from 
theories must cautiously interpreted. Moreover, little known about the 
variation wind over the extent long bridge. 

Notwithstanding the conservative static wind load assumption, the effect 
the chord area requirements the stiffening trusses nominal, particu- 
larly view the need stiffness the vertical plane measured the 
“stiffness index.” Likewise the stresses thus obtained the laterals have 
small effect the size the lateral sections used. These were usually 
controlled the permissible slenderness ratio the members compres- 
sion and connection details. 

spacing about feet between verticals and between floor trusses 
was found assure economical structure and satisfactory erection con- 
ditions. 

The top chords are located above the sidewalk level and thus afford ef- 
fective parapet, eliminating the necessity railings. This location the 
stiffening trusses provides ample depth for the floor trusses. 

The floor trusses are conventional design utilizing A-7 steel. They 
consist rolled channels for the chords and wide-flange beam sections for 
the diagonals and verticals. addition carrying the stringer loads the 
stiffening trusses they function stiff cross-frames the torsion resisting 
system the suspended structure. 

The roadway profile the suspended structure under full dead load and 
normal temperature symmetrical about the centerline the center span. 
vertical curve 1,920 feet length connects with 3.0 per cent approaching 
grades. 


Anchorage Superstructure 


The architectural design the anchorage superstructure consistent with 
its structural function and the surface treatment such emphasize this 
fact. (See Plate XIV.) 

The upper rear portion, which receives the approach truss span and 
carries the roadway above, narrower than the remainder the anchorage. 
Its exterior surfaces are vertical planes and are scored vertically. This 
auxiliary structure placed upon the anchorage carry minor vertical 
loads and treated architecturally. 

The remainder the anchorage consists large expanses inclined 
planes emphasizing the mass and distribution the concrete. The steeply 
inclined top surface the rear follows the inclined position the cable 
anchor chains, while the rustications the side elevations portray the direc- 
tion the forces the mass. The front curtain wall almost vertical, 
permitting the concrete buttress under each cable saddle project beyond 
the remainder the front elevation. This emphasizes the manner which 
the anchorage resists overturning. 

Surface texture achieved using rough sawn form boards, placed 
horizontally the main block and vertically the various curtain walls. 
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The boards are loosely drawn accentuate board marks and fins. 
This treatment has the added advantage minimizing the obviousness the 
many necessary construction joints that not occur rustications. 

The overall size the anchorage superstructure governed the dis- 
tance between cables, the flares the cable backstay strands and cable eye- 
bar chains, and the length needed properly anchor the chains within the 
rear masonry block addition the mass distribution for stability the 
unit whole. For functional reasons, and reduce the size the founda- 
tion structure, all unnecessary weight and inefficient distribution weight 
has been avoided. The anchorage structure hollowed out much 
feasible. effect essentially reduced two individual longitudinal 
structures each consisting buttress, anchor block, and connecting 
strut which transmits the horizontal thrust the backstay the forward 
foundation structure. The two longitudinal structures are connected front 
and rear cross walls and intermediate transverse struts provide lateral 
stability and stiffness and support the roadway structure above. 

Each the two anchorage superstructures supported cellular con- 
crete foundation structure located under its forward portion and 202 eight- 
een-inch diameter cast-in-place concrete piles distributed under its rear 
portion previously described. While somewhat innovation design 
for anchorages, this combination different types support this instance 
resulted considerable economy and more certain stress distribution 
the forward foundation structure. 

The cables, which enter the anchorage superstructure nearly horizontally 
the top, bend down over the anchorage cable saddles angle approx- 
imately degrees with the horizontal. Within the down slope side the 
saddles, the individual strands the cable flare both horizontally and 
vertically provide adequate space for adjustment the strands and 
for attachment the eyebars the cable anchor chains means the 
rolled carbon steel strand shoes. 

The cable, passing over the saddle, develops compressive reaction 
normal the base the saddle. This reaction carried cellular steel 
column the top the large hollow concrete buttress which forms the for- 
ward part the anchorage superstructure and thence down the foundation. 
The backstay load causes vertical tensile loads the piles which relieve the 
compression loads produced the weight the concrete mass. These 
loads cause major bending and shear stresses the anchorage super- 
structure. 

order arrive economical and practical solution became neces- 
adjust the structure and schedule the sequence application loads 
during construction that eccentricity load the pile group and bending 
moments the superstructure and the cellular foundation structure could 
controlled within reasonable limits. 

The desired results were obtained the introduction keys immediately 
forward the rear block and others just the rear the cellular foundation 
structure. (See Plate XV.) Later the optimum time the key pours were 
completed. 

The sequence pouring operations was planned that the front foundation 
structure was initially loaded the buttresses eccentrically toward its heel. 
Since the cable load later applied acts with high eccentricity toward the toe 
the final bearing pressure nearly uniform over the entire foundation area. 
Thus the full bearing value the material under the foundation effectively 
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KEY PLAN 


SEQUENCE POURS 
PRIOR CABLE SPINNING. 


AFTER COMPLETION 
CABLE SPINNING. 


AFTER START ERECTION 
SUSPENDED STEELWORK. 


KEY POUR TO INDUCE INITIAL 
4 ELEV. 6.0 


SUBSTRUCTURE 
KEY POUR TO AVOID 


EXCESSIVE ECCENTRICITY 
OF LOAD ON PILE GROUP 


18"CONCRETE PILES 
LONGITUDINAL SECTION A-A 


“29/0 MAX NET ADDITIONAL PRESSURE 
PRIOR TO POURING OF KEYS 


2 


COMPLETED STRUCTURE-MAXIMUM CABLE PULL 
PILE LOADS AND TOTAL FOUNDATION PRESSURES 


WALT WHITMAN BRIDGE 


ANCHORAGE POURING SEQUENCE 
AND FOUNDATION PRESSURES 


Plate XV. Anchorage Pouring Sequence and Foundation Pressures. 
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utilized and minimum size foundation obtained. 

The reaction the concrete mass the rear large during construc- 
tion stages that would require significantly greater number supporting 
piles than needed the completed structure. was therefore decided 
schedule pours anchorage concrete, and erect the cables and the sus- 
pended structure, stages whereby added concrete weights would alternately 
increase the pile loads their maximum allowable value and the successive- 
increasing cable pulls from the superstructure would reduce the pile loads 
nominal values. This control the maximum load the piles resulted 
substantial economy. 

The pouring and erection sequence employed indicated Plate XV. 
Certain additional sequences within the main pouring stages noted thereon 
were also specified. The pouring the rear the anchorage during Stage 
was controlled keep the stresses the heavy transverse wall 
low value. Also, the sequence pours Stage was scheduled 
make certain parts available the times required order proceed with 
the construction the roadway deck above and the adjoining approach truss 
spans. 


Quantities Suspension Bridge 


The following quantities materials were required for the suspension 
bridge proper, including its anchorages, tower piers and foundations: 


Cable System 
Cable Wire 9,000,000 
Wrapping Wire 200,000 
Suspenders 61,700 L.F. 
Handropes 14,900 L.F. 
Saddle Castings and Rollers 765,000 
Cable Bands and Bolts 390,000 
Alloy Steel Eyebars, including Pins and Strand Shoes 1,970,000 Ibs. 


Anchor Girders 
Anchor Chain Supports 
Miscellaneous Forgings and Cast Steel 


Towers 
Towers Proper 
Anchor Bolts and Frames 


Suspended Spans 
Stiffening Trusses 


Floor Trusses 

Stringers and Floor Joints 

Laterals 

Steelwork Service Walks and Curbs 
Concrete Filled Steel Grid Flooring 
Open Steel Grid Flooring 

Open Aluminum Service Walk Flooring 
Concrete Steel Grid Flooring 
Bituminous Concrete Pavement 


Anchorage Superstructures 


Structural Steelwork 


580,000 
450,000 
120,000 


19,000,000 Ibs. 
100,000 Ibs. 


7,780,000 Ibs. 
7,380,000 Ibs. 
3,550,000 
1,580,000 
1,030,000 Ibs. 
265,000 S.F. 
8,000 S.F. 
19,400 S.F. 
3,500 C.Y. 
2,200 


1,050,000 Ibs. 
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Concrete 66,300 C.Y. 
Reinforcing Steel 5,460,000 
Granite Facing 480 C.Y. 
Interior Metalwork 300,000 
Bituminous Concrete Pavement 220 C.Y. 


Anchorage Foundation 
Mass Volume Footings 77,000 C.Y. 
Concrete Distributing Blocks 20,000 
Reinforcing Steel 2,170,000 
inch diameter Cast-In-Place Concrete Piles 20,000 L.F. 


Tower Piers and Caissons 
Mass Volume Caissons 61,000 
Concrete Distributing Blocks 6,700 C.Y. 
Reinforcing Steel 500,000 
Structural Steel 400,000 
Granite Faced Masonry, Pier Shafts 5,200 C.Y. 


Conduct Work and Organization 


The project was conducted under the active direction Mr. Costello, 
Executive Director and Mr. Kramer, Chief Engineer the Delaware 
River Port Authority. 

The two engineering firms Modjeski Masters and Ammann Whitney 
operated Joint Venture and divided the work among themselves gen- 
eral follows: 

Modjeski Masters designed the Philadelphia approaches and the founda- 
tions and piers for the suspension bridge. Ammann Whitney designed the 
New Jersey approaches and the superstructure and anchorages the sus- 
pension bridge. The construction supervision was exercised joint staff 
the two firms, headed Mr. Homer Seely Resident Engineer. Close 
collaboration and free exchange views were maintained both firms dur- 
ing the development all phases the project. 

Harbeson, Hough, Livingston Larson served Consulting Architects, 
Louis Klauder Associates consultants electrical and mechanical 
installations, and Porter, Urquhart Beavin consultants the soil 
stabilization problems encountered the Gloucester approaches. 

The State Highway Departments both New Jersey and Pennsylvania have 
cooperated fully the development this project and have exercised rights 
and duties review and approval regarding the design approach connec- 
tions their respective highway networks, existing projected. was 
recognized that some the bridge connections must extend beyond the limits 
any proper definition bridge approach. The two State Highway Depart- 
ments therefore joined with the Delaware River Port Authority the engage- 
ment engineers for the planning suitable and properly coordinated high- 
way elements both ends. Modjeski Masters acted for the Pennsylvania 
Highway Department, and Ammann Whitney for the New Jersey Highway 
Department this capacity. 
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MOMENTS FLAT SLABS 
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SYNOPSIS 


This paper summarizes the results study moments cast alumi- 
num model flat slab floor. All panels were square, and the columns and 
capitals were round. There were drop panels. The model was two bays 
three bays and was tested under air pressure with pattern type loading. 

Moments obtained from SR-4 strain gauge readings are compared with 
those obtained continuous frame analysis following the American Concrete 
Institute Code (ACI-318-51). 


INTRODUCTION 


Frame analysis flat slab floor according the American Concrete In- 
stitute Code (ACI 318-51) has been widely adopted because its simplicity 
and flexibility. the recommended procedure, flat slabs are analyzed 
number bents, each consisting row columns and strips sup- 
ported slab, each strip bounded laterally the centre line the panel 
either side the row columns. The bents shall taken longitudinally 
and transversely the building.” usual make the analysis using two 
cycle moment distribution for pattern type live load. Critical sections for 
negative moment may assumed not more than from the column cen- 
tre lines, where 


radius column capital 


span length slab centre centre columns the 
direction which bending considered. 


Note: Discussion open until December 1956. Paper 1020 part the copyrighted 
Journal the Structural Division the American Society Civil Engineers, Vol. 
82, No. July, 1956. 


Associate Prof. Civ. Eng., Univ. Toronto, Toronto, Ont., Canada. 
Asst. Bridge Design Engr., Dept. Highways, Ont., Canada. 
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Finally the moments are alloted column and middle strips the same 
ratio design the ACI moment coefficients. 

various times questions have been raised the reliability this 
procedure. this paper the results experimental investigation 
single story cast aluminum flat slab model (Fig. are compared with mo- 
ments found the ACI recommended method analysis. 

The results obtained indicate that the positive moments should increased 
and that the critical negative moments might reduced slightly. However, 
evident that more extensive investigation desirable. 


Model 


The model (Fig. was made two parts; the top plate with the columns; 
and the bottom plate. The upper portion was made cast aluminum and was 
intended have slab thickness 1/2 inch, but due faulty casting be- 
came necessary machine 3/8 inches order obtain satisfactory 
surfaces for the application SR-4 strain gauges. The bottom plate was 
made rolled aluminum. The connections between the columns and the bot- 
tom plate were made 1/4 inch diameter inch bolts. 

Aluminum was chosen the model material for the following reasons: 


easily cast and light. 

nearly homogeneous, isotropic and perfectly elastic. 

has low value Young’s Modulus Elasticity. This results 
large strains under small loads and consequence permits the use 
smaller loads. 


Loading System 


All loads were applied pneumatic pressure using the loading frame 
shown Fig. and the pressure cell Fig. The frame was made 
structural steel angles and plates. The pressure, applied automobile 
pump, was measured means mercury manometer. The pressure cell 
loading box was made the same dimensions one panel the flat slab 
17"). this way one panel could loaded time and strain read- 
ings taken all gauge stations. superimposing results obtained for vari- 
ous combinations loading the strains and stresses could obtained for 
any desired loading pattern. 

The loading box had tops and sides galvanized iron while the bottom con- 
sisted sheet rubber clamped the galvanized iron form airtight 
unit. reduce distortion the box was reinforced tie rods, shown 
Fig. 

With the loading box place, the model was jacked that the top the 
box was close contact with the top steel plate the loading frame. Steel 
shims were then placed under each column hold the box this position and 
the jacks were removed. When air was pumped into the box the pressure was 
transmitted the model uniformly distributed 


Strain Gauges and Strain Measurements 


All strains were measured SR-4 gauges located shown Fig. 
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order reduce the amount labour involved reading gauges and also 
reduce costs, only one quarter the model was covered with gauges. 

attempt was made obtain principal stresses but, instead the strains 
were determined parallel the column centre lines. The AX-5 type gauge 
was used measure strain two perpendicular directions each station. 
Gauges were identified numbers determined their position the grid 
shown Fig. 

Since was necessary record the strains large number gauges 
for each load increment, switch control board was built. Variations con- 
tact resistance the board caused some early difficulty but eventually the 
system operated very satisfactorily. 

Readings were taken loadings and pounds per square inch 
surface. load-strain diagram was prepared from these readings for 
each gauge both directions. Fig. typical these diagrams. From 
these diagrams was possible detect faulty readings and make new 
readings where necessary. The deviations from straight lines are due the 
variations contact resistance the switching panel. 

allow for slack take-up the zero loading was taken psi. Since the 
maximum loading was psi. all values given the following tables and dia- 
grams are for load increment psi. 


Physical Properties the Cast Aluminum 


Young’s Modulus and Poisson’s ratio for the cast aluminum were deter- 
mined tests 1/2 inch diameter bar cast the same time the model. 
Fig. shows the stress strain curves from which Young’s Modulus was de- 


termined 10,900,000 psi. and Poisson’s ratio 0.33. 


Loading Pattern 
Since only one panel was loaded time, was necessary obtain 
strains for the required loading patterns the sum the strain measure- 


ments from single panel loadings. The fundamental loading patterns were 
follows: 


Fig. 


Moments obtained from the above load patterns provided the following com- 
binations for maximum positive and negative moments. 
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Three Bay Direction 


Positive Moment Positive Moment Negative Moment 
Exterior Panel Interior Panel Interior Support 


Fig. 


Positive Moment Negative Moment 
Fig. 


Two Bay Direction 


Calculation Stresses and Moments 


elastic plate subjected stresses and the strains the and 
directions are: 


From which are obtained: 


general the top and bottom fibre stresses any point were not found 
equal. This was due certain amount shear the columns, produc- 
ing thrust the slab. eliminate this complication from the bending mo- 
ment calculations average was taken between the top and bottom stresses. 

From stresses computed equations and the bending moments per 
inch slab width were computed. These moments are summarized 
Table 
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Moment Diagrams 


The moments shown Table occur the gauge points. Moment dia- 
grams (Figs. 14) were plotted from these values show the distribution 
moments along and across the panels under the various loading conditions. 
order compare the test results with the ACI Code analysis was neces- 
sary find the average moments across the recommended design sections. 
The amounts moment the design sections the column and middle strips 
were obtained from the moment diagrams finding the areas under the 
curves for each strip. should noted that for many the sections curves 
have been plotted from only five points whereas least seven would have 
been preferable. This has resulted considerable amount uncertainty 
the negative moments except the gauge stations. For this reason 
would appear advisable assume possible errors large 10% the 
average moments the critical sections for negative moment. The mid- 
span moments, except where they are very small, are much more accurate. 
doubt would have been better use more gauges close the supports 
and less the centre the panel. 

check the accuracy the results the sum the average negative 
moments critical sections and positive moment the panel centre line 
was calculated for the full width the model between two critical sections 


each bay. This was compared with and defined follows: 


Three-bay Direction 


Two-bay Direction 


12.24 


The results are shown Table 

will noted that every case the test moments are high and that the 
maximum error +8%. The errors are probably due difference 
and between the model and the test piece and the difficulty determining 
negative moments accurately from the small number gauge points. 

/SINCE CORRECTION HAS BEEN MADE FOR THESE ERRORS PLOT- 
TING THE CURVES ALLOWANCE SHOULD MADE INTERPRETING 
THE RESULTS/ 


Analysis ACI Code Procedure 


the analyses following the ACI Code the columns and strips supported 
slab were considered have infinite moment inertia within the limits 
the column capital (90° capitals used). Moments were determined all sup- 
ports and mid-span using two cycle moment distribution. Negative 
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moments were then determined the prescribed critical sections dis- 
tances from the column centre lines. Finally the moments were appor- 
tioned the column and middle strips prescribed the Code. 

Fig. shows typical ACI analysis for all spans uniformly loaded. 
Table gives the moments the critical sections and mid-span before 
their apportionment column and middle strips. Table the apportioned 
moments expressed lb. per in. are tabulated for column and middle 
strips, obtained A.C.I. analyses and test. The test moments given 
are average moments the design strips. See Table for typical method 
apportioning the analysis moments column and middle strips accordance 
with ACI Code 318-51. 


Comparison Test Results and Analyses ACI Code 


The most important differences between test and analysis moments occur 
mid-span where, all cases, the test moments are higher (Fig. 15). While 
the support moments are smaller test than analysis, using average 
values each strip, should noted that the variation intensity nega- 
tive moment across column strip considerable. The maximum negative 
test moment per unit width always substantially higher than the corres- 
ponding average ACI value. 

When the large differences between test and analysis values were first 
noted was thought that some settlement supports might responsible. 
Tests were run check this, with shims removed from beneath interior 
columns. The changes positive moment were found negligible. 

Fig. shows that the maximum negative moments middle strips, which 
occured the column centre lines rather than the specified critical sec- 
tions, were approximately equal the moments found ACI analyses. 


CONCLUSIONS 


The tabulated results show that the moments the flat slab used the 
experiment differ consistently from the moments determined the frame 
analysis method recommended the American Concrete Institute Code 
318-51. The differences are sufficiently large warrant some changes 
the present method analysis. 

general terms the two main differences are: 


The positive moments determined test were larger than those found 
analysis. 


ii. The average negative moments determined test were smaller than those 
found analysis. 


close examination the test results shows, however, that there some 
inconsistency the values the negative moments. This attributed 
three possible causes: 


Some the gauges were very close the column capitals and con- 
sequence probable that the ordinary flexure formula does not apply 
these areas. 


ii. Some the negative moments were obtained plotting curves from only 
five points where least seven would have been preferable. 
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FRAME CONSTANTS 


(2) TWO CYCLE MOMENT DISTRIBUTION (ALL SPANS LOADED WITH UDL) 
a 
1840 1840 


(3) MOMENTS CRITICAL SECTIONS 


FiG- CODE FRAME ANALYSIS 


acm 
c-o- 
TOTAL 
229 
a 
120 
876 772 728 120 
1782 1614 
1782 
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Moments Two-Bay Direction 


TABLE Moments Frame sis 


Note: All moments are in. lb. per in. wide strip. 
C.S. refers the critical sections specified 
the A.C.I. Code 
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Moment Apportionment 
Moment Strips 
Exterior 
nterior 
Exterior 
23. 
Positive x 229 
Positive 229 


Table Typical Apportionment Moments ACI Code Method (1951 
(a) See Table ACI 318-51 
(b) See Figure 17. 
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iii. The contact resistances the switch control panel for the SR4 gauges 
were larger than desirable. 


such inconsistency appears, however, the values the positive mo- 
ments. noted also that the test results for the negative moments are 
fairly close agreement with the results from analysis whereas for the posi- 
tive moments they are not. For this reason, well for reasons the 
reliability the results, changes are recommended only for the positive mo- 
ments. The results found from frame analysis should still used for calcu- 


lating the negative moments. For the positive moments the recommendations 


take the form factors which the analysis moments should multiplied 
determine the design list these factors given below: 


Factors for Dead Load Moments Mid-span: 


Panel Strip Factor 


Exterior Column 1.40 
do. Middle 
Interior Column 2.35 
do. Middle 3.40 


Factors for Live Load Moments Mid-span: 
Panel Strip Factor 


Exterior Column 
Middle 

Interior Column 
do. Middle 


hoped that further tests will carried out provide similar 
factors for use with the negative moments. suggested that such tests 
the following precautions might well taken: 


Apply more gauges the negative moment areas. 


ii. Make the model such form that the outside edges the slab are tan- 
gent the outside edges the columns, 


iii. Use switch control panel for the SR4 gauges with contacts low, con- 
stant resistance, 
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BENDING STRESSES EDGE STIFFENED DOMES 
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SYNOPSIS 


Bending moments and shears certain types thin shells revolution, 
stiffened edge beam, are obtained and graphs for their evaluation are 
given. Variable, symmetrical live and dead loads are considered, together 
with temperature and shrinkage stresses. 

Approximate but accurate values the maximum moments the shell 
and supporting cylinder are derived means the same graphs, when the 
dome built-in into cylinder and stiffened edge beam. 


INTRODUCTION 


Stresses thin shell domes are usually evaluated membrane theory, 
but well known that most cases bending stresses arise the neigh- 
borhood the edge due continuity conditions. The bending stresses are 
often critical the determination the shell thickness the edge, and 
the meridional reinforcement reinforced concrete 

the purpose this paper simplfy the evaluation bending and 
shear stresses certain types shells revolution acted upon vertical, 
symmetrical loads, and stiffened the edge ring beam, 

The bending stresses due vertical loads domes supported cylinders 
were determined and Salvadori and Huddleston.4 The re- 
sults the present paper may also used obtain approximate, but 


Note: Discussion open until December 1956. Paper 1021 part the copyrighted 
Journal the Structural Division the American Society Civil Engineers, Vol. 
82, No. July, 1956. 

Prof. Civ. Eng., Columbia Univ., New York, 

Draftsman Designer, Moran, Mueser and Rutledge, New York, 
Salvadori, G., “Live Load and Temperature Moments Shells Revo- 
lution Built-in into Cylinders,” Journal the Concr. Inst., Vol. 
Oct. 1955. 

Salvadori, G., and Huddleston, V., “Dead and Live Load Moments 
Shells Revolution Built-in into Cylinders,” Proceedings, Am. Soc. Civil 
Engr., Vol. Separate No. 772, Aug. 1955. 
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accurate values the bending stresses the shell, the edge ring and the 
supporting cylinder when the dome built-in into cylinder and stiffened 
ring. 


Fundamental Assumptions and Edge Displacements 


The following assumptions are made deriving expressions for bending 
moments and shears (Fig. 1): 


The shell vertical the edge 0). 

The meridional curve y(x) symmetrical about the 

The shell thickness practically constant the neighborhood the 
edge, where its value 

The shell thickness the edge small compared the equatorial 
radius (a/h 50) that bending stresses the edge may determined 
cylindrical shell theory (Geckeler’s assumption). 

The vertical, symmetrical loads acting the shell are: 


load per unit shell surface (dead load) varying along the 
meridian according the law: 


where the load intensity the edge the shell and the 
angle between the normal the shell and the shell axis. 


load per unit horizontal shell projection (live load) varying 


along the equatorial radius according the law: 


where the load intensity the edge the top the dome 
and measured along the equatorial radius starting the shell 
axis. 


Poisson’s ratio zero, usually assumed reinforced concrete 
shell theory. 


Under these assumptions and with the symbols Fig. has 
proved that the edge displacement (positive outward) and the edge rotation 
(positive outward) due the dead load Eq. (1) are given by: 

a’ 


Less restrictively, assumed that the derivative the meridional 
radius curvature with respect the angle between the normal the 
meridian and the shell axis zero the 

Salvadori, G., “Boundary Displacements Membranes Revolution 
under Symmetrical Loads,” Annali Matematica, Pura Applicata, 
Serie Tomo XXXIX,1955. 
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where Young’s modulus, the meridional radius the edge and 


the nondimensional static moment the load about the shell axis. 
Eq. (5) the meridional radius, the other principal radius curvature 
the shell, and the value the top the shell (usually 0). 

The static moment related the total load the shell the 
equation: 


(6) 


Table gives versus b/a for elliptical domes semiaxes and 
for the same domes when the dead load and when 


varies linearly from top edge (pg Table gives versus 
for conoidal shells and for the same shells when the dead load con- 


stant and when varies linearly from top edge (pg Po,d 


Figure shows how may evaluated approximately for shells arbitrary 
meridional sections. 

For the live load Eq. (2) the displacement and rotation the edge are 
given 


(7) 


(8) 
Eq. (7): 


twice the nondimensional static moment the load about the shell axis. 
Figure gives the values for the most commonly encountered load dis- 
tributions f(x). The total load the shell related the equation: 
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TABLE 


Const. load Lin, varying load 


25.00 0.547 0.114 
11.11 0.588 0.171 
6.25 0.637 0.228 
0.690 0.295 
2.78 0.361 
2.04 0.428 
1.56 0.870 0.497 
1.23 0.566 
1.00 0.637 


Const. load Lin, varying load 


1.000 1.000 0.637 
0.867 0.547 
0.627 0.356 
0.522 
0.427 0.142 
0.342 0.019 


0.2 
0.3 
0.5 
0.6 
0.7 
0.8 
0.9 
1.0 
TABLE 
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Edge Moments and Shears 


may proved? that under the assumptions Sec. the radial displace- 


ment (positive inward) and the rotation (positive outward) the 
edge the shell due uniform distribution bending moments (posi- 


tive outward) per unit length and shears (positive inward) per unit length 
(Fig. are given by: 


(11) 


(13) 


The radial displacement (positive inward) and the rotation (posi- 
tive outward) circular edge beam, ring, (Fig. under equal and 
opposite distribution moments and shears are given by: 


(14) 


where the cross-sectional area the ring and the moment inertia 


the ring cross-section about its centroidal axis 
Continuity radial displacement and rotation between shell edge and ring 


(Fig. under the dead load Eq. (1) requires that: 


SHELL AXIS 


FIG.5 


See, for instance, Timoshenko, “Theory Plates and Shells,” McGraw- 
Hill Book Co., New York, 1940, 393 and 469. 
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(16) 


(17) 


Substitution Eqs. (3), (4), and Eqs. (11) (17) Eqs. (16) and (17) leads 
set two equations the two unknowns and whose solutions may 


conveniently written the form: 


The moment coefficient and the shear coefficient depend upon two 
non-dimensional parameters inversely proportional the ring area and mo- 


ment inertia respectively: 


(21) 


and are given by: 
(22) 


The dead load factors and depend upon and thickness parame- 


ter defined by: 


and are given by: 


(26) 


Noticing that the terms involving and stem from the rotation 
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from Wo,d see that for the live load Eq, (2): 


(for live load.) (27) 
Thus may write expressions for and valid types loads 
the form: 


Two extreme cases are practical importance and lead values for 
and shell with perfectly fixed edge, i.e., connected in- 
finitely large ring, has and hence: 


gs 0.144 30 


shell whose radial displacement totally prevented, but whose rotation 
the edge free (simply supported edge), has and hence: 


0.1 


The graphs Figs. and give and versus for various values 
the parameter the range practical interest. Figure gives 
and versus for values the parameters and respectively. 


Maximum Shell Moments 


The bending moment inthe shell distance from the edge along the 
meridian (Fig. 10) given approximately by:8 


which the functions and are tabulated reference (8), 394. 
Letting the derivative M(s) equal zero, found that its first maxi- 
mum, occurs distance from the edge defined the transcendental 
equation: 


See, for instance, Timoshenko, “Theory Plates and Shells,” 393, 
and page 408. 
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See, for instance, Belluzzi, Scienza delle Costruzioni, Vol. terzo, 
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The ratio: 


obtained function means (28), (29), (32) and (34) and 
given by: 


For 100 the contribution the first term the right-hand member 
Eq. (32) less than 2.1% M(s). Noticing, moreover, that for 100 the 
location angle nearly equal and that 0.322, the ex- 
pression for reduces to: 


The approximate value the maximum moment the shell given 
Eq. (35) will not differ substantially from its true value provided the shell 
does not deviate substantially from the tangent cylinder used approximate 
the shell the equator. Noticing that the angle subtended the shell 
less than the angular deviation may limited by: 


Although simple and rigorous ways evaluating permissible angular devia- 
tions are not available, deviations the order 0.20 are considered acceptable 
practice.9 


Shell Supported Cylinder and Stiffened Ring 


The determination bending stresses the edge shell built-in into 
cylinder and stiffened ring the equator requires the evaluation the 
moments and shears: the shell edge; the ring; the cylinder 
edge. With the symbols Fig. system equations the unknowns 
Mo, Qo, must solved obtain rigorous solution the 

approximate evaluation bending stresses, satisfactory most 


Nicola Zanichelli Editors, Bologna, 1953, 393, 394. 
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practical cases, may instead easily obtained considering the cylinder 
additional “equivalent ring” its restraining action the shell. 

The radial displacement (positive inward) and the rotation (positive 
outward) the cylinder edge due distribution moments (positive 
outward) per unit length and shears (positive outward) per unit length 
(Fig. 12) are given by: 


(38) 


cylinder thickness the edge. 

and moment inertia I', obtain: 


(39) 


(40) 


obtain upper and lower bounds for notice that, since edge rings have 
little torsional rigidity and practice always positive, will also 
positive. Therefore takes its largest value Eq. (40) when Mj, takes 
its smallest value and correspondingly: 


increases positively, and hence decrease and the limit ap- 
proach zero. practically acceptable value for may thus taken be: 


(43) 


Similarly, practice always positive and takes its largest value 
Eq. (41) for 


the limit, approaches zero increases positively. practically 
acceptable value may thus taken be: 


is 
1 
= 
a 
: 
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The corresponding value the radius gyration becomes: 


The equivalent cross sectional area the combined cylinder-ring given 
(47) 


The equivalent moment inertia, and radius gyration the combined 
cylinder-ring are given by: 


I, = I + 
The corresponding values the parameters and become: 


(51) 


With these values and the moments and shears the shell are de- 


Moments Ring 


The edge moment and edge shear the shell are distributed be- 
tween ring and “equivalent ring” (cylinder) according their stiffness ro- 
tation and translation, respectively. Hence: 


(52) 


The bending moment tension developed the ring 
and are given by: 


(48) 
(53) 
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(55) 

Moments Cylinder 


The moment and the shear the edge the cylinder equal: 


The moment the cylinder distance from its edge given by: 


Its maximum value occurs distance defined the equation: 


where: 


Comparison Eqs. (28) and (56), and Eqs. (29) and (57) shows that: 


4 
and thus, that: 
2 


(63) 
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The graphs Fig. give the ratio: 


and the angle 's' functions for 100. the value 


Example 


elliptical shell constant thickness (Fig. 14) stiffened ring and 
simply supported masonry has the following dimensions: 


Shell: a=60ft. b=30ft. ft. 


= = 4.0 0.5 
Ring: 
be= 1.6 ft. ; ds 2.4 ft. 3 A = ba = 3.84 rt.* 


ba? = 1.84 ft. 3 s I/a 0.48 


wish determine the shell moments due the dead 


Eq. (24), with 0.690 from Table 


The graphs Figs. and gives: 


lm = 1.70 


Tq = 1.94 . 


a 
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Eqs. (28) and (29): 
Eq. (34): 


The graph Fig. gives then: 


and Eq. (35): 


The bending moment and tension the ring are Eqs. (54) and (55): 


this example the angular deviation becomes: 


and shows that the error the maximum moment acceptable for prac- 
tical purposes. 


Example 


The shell loaded with live load varying linearly from 
the edge the top. Splitting this load into uni- 
form load and load varying linearly from zero 
Fig. gives: 


Hence, with (28) and (29) give: 


Eq. (34): 
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The graph Fig. gives then: 
= - 07 Ps = 1-10 ; 
and (35): 


Eqs. (54) and (55): 


The angular deviation this example equals 0.22. 


Example 


The shell considered Sec. stiffened the same ring and, more- 
over, built-in into cylinder thickness ft. (Fig. 14). wish 
determine the live load moments and shears the shell, the ring and the 
cylinder. 

(43) and (46) 


2 2 = 1.47 x 17.3 = 25.50 rt." 


and, Eqs. (47) and (48): 


(50) and (51): 


0.25 0.25 


From Figs. and 


1,10 
0.340 3.24 ft. 


Eq. (34): 


and from Fig. 11: 
1.50. 


Hence Eq. (35): 


4.41 ft. 
The angular deviation this example equals 0.29. 
Eqs. (52) and (53): 


and Eqs. (54) and (55): 


lbs./ft. 


Eq. (63): 


1.00 
0.25 2.11 1.25 
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and Fig. 13: 


Hence, Eq. (64): 
M'= 1.20 129 155 ft. 


0.36 
1.32/ 


The following table allows the comparison the approximate values 
moments and shears derived here with the values obtained the rigorous 
solution the same Although the approximate formulas Secs. 

may expected give good results only for thin cylinders (small 
contribution the cylinder the cylinder-ring combination), the table shows 
that the accuracy obtained for the case fairly thick cylinders acceptable 
for the purposes design. 


al 2.12 ft. 


Rigorous Solution Present Solution Error 
1.0 
2.3 
-12.9 
+16.3 


Temperature and Shrinkage Stresses 


The formulas for live load stresses derived Secs. and may used 
determine temperature and shrinkage stresses. this purpose suf- 
ficient notice that all moments and shears are proportional 
[Eq. (7)]; hence, the radial displacements due temperature and 
are Wo,T and the corresponding moments and shears will 
Wo, T/Wo Wo, times the live load moments. 

for example, differential shrinkage coefficient 0.0001 ft./ft. 
for the shell 10, the shrinkage displacement the edge is: 


The displacement due the live load considered Sec. is: 


Yo. = a s 0.0013 ft. 


j 
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Hence moments and shears due shrinkage are 0.006/0.0013 4.6 times 
the live load moments and shears. 


CONCLUSIONS 


The graphs presented herein allow the quick determination bending 
stresses certain types domes under conditions loading and restraints 
often practice. The evaluation membrane stresses for 
these domes made easy treatments appearing The de- 
signer thus enabled analyse such structures accurately and safely 
less time and with less labor than would take analyse standard framed 
structure. hoped that thin shell domes will thus considered in- 
creasing number engineers and architects view their interesting 
structural and esthetic properties, and because the simplicity their de- 


sign. 


February 1955. 


10. “Design Circular Domes” Concrete Information, Portland Cement 
Association Structural and Railway Bureau. 
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Paper 1022 


Journal the 
STRUCTURAL DIVISION 
Proceedings the American Society Civil Engineers 
SIMPLIFICATION DESIGN ULTIMATE 
STRENGTH PROCEDURES 


Phil M.ASCE 
(Proc. Paper 1022) 


SYNOPSIS 


Based the 1956 “Report ASCE-ACI Joint Committee Ultimate 
Strength Design” and upon the use rectangular stress block, design pro- 
cedures for beams and columns are developed. Although the use design 
charts recommended, shown that most calculations are simple and 
practical without such aids. Design procedures are, moreover, simpler than 
present working stress methods. The Appendix contains some numerical 
examples. 


The “Report ASCE-ACI Joint Committee Ultimate (nere- 
after referred simply the Report) constitutes milestone reinforced 
concrete design this country. the new edition the ACI Building Code, 
design this method now permitted alternate procedure. For the 
first time designers the United States are faced with choice between 
long-established methods and the more recent ultimate strength design. 
generally conceded that ultimate strength methods result better-balanced 
designs. Nevertheless, some designers, noting the lengthy formulas the 
Report, are concerned about design methods which might prove more involved 
and time consuming. The purpose this paper demonstrate that ulti- 
mate strength theory for flexure for combined flexure and axial load can 
simple theory and that ultimate strength design can simple procedure. 
Such design less complex and more rapid than conventional 
straight-line theory. 

The Report does not, this time, suggest ultimate strength procedures for 
diagonal tension and bond calculations. Thus design for shear still 
governed working stress conditions. 


Assumed Compression Stress Block 


The Report, casual inspection, appears complex. This due two 
basic reasons. First, the Committee did not feel that the time had come 


Note: Discussion open until December 1956. Paper 1022 part the copyrighted 
Journal the Structural Division the American Society Civil Engineers, 
Vol. 82, July, 1956. 

Prof. Civ. Eng., The Univ. Texas, Austin, Tex. 

(1,2) Such superscripts refer items the bibliography the end paper. 
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standardize single diagram represent the stress distribution com- 
pression. rectangle, trapezoid, parabola any other shape which results 
ultimate strength reasonable agreement with tests” may assumed. 
Second, the Report gives formulas for permissible eccentric column loads. 
While these appear complicated, must noted that similar relationships 
the case working stress procedures are more than complicated—they 
are practically impossible. The fact that direct relationship can now 
written evidence the greater simplicity ultimate strength relation- 
ships. 

designer must, the start, choose specific distribution for compres- 
sive stresses. The writer believes the rectangular stress block the form 
best adapted design this time and certainly the simplest form. 
Other distributions may have advantage for the analysis research re- 
sults, but their advantage for design remains demonstrated. Either the 
parabola, trapezoid, rectangle seems give the accuracy requisite for 
design. The discussion herein the rectangular stress block 
pioneered this country Whitney. 


Load Factors 


Attention directed first the importance proper choice load 
factors, because ultimate strength design must based moments and 
shears large enough provide adequate safety factor. The load factors 
recommended also have second purpose, namely, assure that tension 
cracking under working loads will not excessive. While six expressions 
for design ultimate strength are given, should noted that the designer 
can easily establish which ones govern specific cases. For instance, fora 
beam, the first two relations are: 


ultimate strength section 

effect basic load consisting dead load plus volume change due 
plastic and elastic actions, shrinkage and temperature 

effect live load plus impact 

load factor equal 1.8 for beams subject bending only 


The second relation gives larger design ultimate beams only when 
greater than 


Beam Design 


Rectangular Beams 


Under the provisions the Report the possibility compression failure 
entirely removed limiting the percentage tension steel 0.40 
This approximately percent less than balanced steel the Whitney 
rectangular stress block theory. For greater than 5000 psi, this limiting 
percentage further reduced 0.025 for each 1000 psi excess. All 


notation listed under “Nomenclature” just before the Appendix. 
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beam design thus becomes design for tension. 

Beam theory extremely simple. tension failure will always occur 
when the tension steel reaches the yield stress, f,, that is, when 
The compressive stress block (Fig. 1), with uniform stress 0.85 
considered have depth just deep enough make 


This can rewritten the form Report Eqs. and 2b: 


c 


where The above equations are limited values not greater 
than 0.40, equivalent 


The design chart Fig. reproduced from the Report,** simplifies the 
use these formulas, follows: 


For given beam size one can enter the chart with proceed 
horizontally the curve, thence vertically the curve and hori- 
zontally again the required value 


For desired value one can reverse this sequence, reading the re- 
quired establish the beam size. (See Problem 10a the 
Appendix.) 


For establishing the absolute minimum size beam (probably not the 
most economical beam) the specified maximum value 0.40 
used, The curves terminate against dotted line the right 
points which accompany this maximum value 


Beams designed the ultimate strength method can made smaller than 
under elastic stress methods, unless shear controls the size. However, 
means certain that this smaller size will the most desirable, either 
for economy stiffness. When shallow beams are used, deflections are 
larger. Balanced steel for working stresses 1350 psi and 20,000 psi 
given 0.0136, equivalent 0.18 f¢/fy. The Report requires that de- 
flections given attention where greater than 0.18 other 
words, wherever the beams are made shallower than those current usage. 


60,000 psi order keep down crack size working loads. 
Fig. 516, reference (Journal the American Concrete Institute). 


(1) 
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Since beams minimum depth will rarely desirable, will not often 
necessary use compression steel. The greater value assigned con- 
crete compression the chief practical difference between ultimate 
strength and straight-line design methods. 

Even without chart, computations are not difficult: 


For given beam size approximate can estimated from 
M,,/fyjd with estimated. This inserted Eq. (1) will give bet- 
ter value and use for better value A,. alternate pro- 
cedure solve Eq. (2b) quadratic for the required 


For desired value known and can inserted Eq. (2a) 
establish the required similar case shown Problem 10.b 
the Appendix.) 


For the absolute minimum size beam, must the i.e., 
0.40 equivalent 0.40. This value Eq. (2b) gives 


M,, 0.306 (4a) 
and Eq. (2a) 


Compared the straight-line stress procedures, analysis given beams 
simpler ultimate strength theory. Design ultimate strength methods 
certainly more difficult; and might noted that only one design 
chart needed, not one for each value 


Rectangular Beams with Compression Reinforcement 


Double reinforced beams will not often needed for strength.* They can 
designed quickly considering the total subdivided into two bending 
couples, couple which can resisted without compression steel (Eq. 
4a), plus couple resisted additional compression and tension steel 
(Fig. 3). The steel for found from the maximum 0.40 
with arm and steel stress the displaced compression concrete 


The last calculation can corrected consider displaced concrete, 

For given reinforcing, not balanced above, analysis for recom- 
mended shown Fig. which accordance with Report Eq. (4): 


M,, (A, At) ( 0.59 (p p')f A' aii d') (5) 


c 


Here both and are assumed yield point stress and the stress 
The pattern shown Fig. may simpler follow than the formal 


Compression steel may used effectively reducing the added deflection 
due creep concrete. 


July, 1956 


Design Double Reinforced Beam 


Ultimate Moment for Given Beam 


b 


Fig. Equivalent Flange 
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equation. should noted that here Ag, limited 0.40 or, 
the Report states it, maximum 0.40 
the case double reinforced beams both analysis and design are 
little simpler the ultimate strength procedure than straight line stress 
methods. significant that the compression steel stress definite fy, 
not quantity which must calculated after locating the neutral axis. The 
same rectangular beam curve already discussed useful for the calcu- 
lation. 


T-Beams 


The effective flange for T-beam limited width six times the 
flange thickness each side the web. 
analysis, such T-beam acts rectangular beam unless the com- 
pression stress block deeper than the flange thickness; i.e., unless 
established Eq. (1), greater than the flange thickness The Report 
suggests that when real T-beam action occurs the flanges evaluated like 
compression steel indicated Fig. The flange value would then 


0.85 (b- 


for and for are defined for the web area (rectangular beam 
depth, then Eq. (5) can directly adapted give the Report equation: 


c 


designing steel for given T-beam under given one simple pro- 
cedure would consist the following steps: 


Ifa calculate from (6), provide balancing tension area 


Calculate and design the steel for this moment, con- 
sidering the web alone rectangular beam. The Report limits 
for rectangular beam, maximum percentage (based web area 


Obtain total tension steel As, plus 


Such methods avoid the complex problem locating resultant de- 
termining elastic methods. Only the one rectangular beam curve 
needed speed this design. 
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Columns 


Concentrically Loaded Columns 


The Report uses the theoretical concentric load capacity established 
column tests some twenty years ago: 


Py = 0.85 fclAg - Ast) + Astfy (8) 


gross area column 
cross-sectional area all longitudinal bars. 


The Report goes much further, however, and recommends that every column 
designed for eccentricity, minimum 0.05 times the depth for spiral 
column and minimum 0.10 times the depth for tied column. Hence 
column designed axially loaded and this value meaningful 
only theoretical limiting capacity. The following sections this paper 
will deal with values the ultimate load, for short column eccentrical- 
loaded. 

For column with unsupported length greater than times its least 
lateral dimension the maximum axial load should not greater than 


(1.6 0.04 L/d) (9) 


which the maximum concentric load capacity the section with L/d 
less than For large eccentricities, (which independent L/d) will 
often smaller than and then will govern for either short long 
columns. 


Combined Direct Stress and Bending 


combined direct stress and bending, the simple relationship used 
for beams must replaced the slightly more involved summation axial 
forces equal zero. Fig. 6a, where represents the total force 
and the resultant the compression the concrete, 


P,+T-C,. - =0 
(10a) 
The Report, terms the notation Fig. 6b, writes this expression 
will noted that can small cause tension, which then calls 
for different form for the above equation. 

desirable discuss separately those cases which can fail tension 
and those which must fail compression. The Report defines the boundary 
between the two terms what might called the balanced load which 
equally likely cause failure tension compression: 


ye 90, 000 ' 'f -A f 11 


the ultimate load P,, less than only tension failure possible; 
P,, greater than only compression failure possible. 


1022-8 
| 
Ast 
bs 
aie 
yay 
- 
» 
=a 


Fig. Combined Direct Stress and Bending 
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Tension Failures—Basic Theory 


When the tension steel yields, the neutral axis shifts towards the com- 
pression face and secondary compression failure occurs. failure, the 
compression steel assumed yield stress and the final compression 
stress block considered reduced the minimum consistant with the com- 
pression called for Eq. (10a). 

The Report uses summation moments about the tension steel for the 
second equilibrium equation: 


For Eqs. (10b) and (12) specified that k,/k, shall not taken less 
than 0.5 and not greater than 0.85. 


Tension Failures—Use Curves 


The Portland Cement Association has developed very effective graph for 
solving Eqs. (10b) and (12) for number design situations. This graph has 
been reproduced from the Report* (Fig. 7). should noted that the per- 
centage steel taken separately for tension and compression, and that 
each percentage based the area rather than the gross column 
area. This graph was developed the basis trapezoidal stress distri- 
but the results are equally applicable the rectangular stress block. 
The following examples will indicate how simple the solutions can for 
several practical cases. 


Problem find the minimum column size and steel for given load and 
eccentricity, using symmetrical steel. 

Since fy/ 0.85 the value known. Symmetrical steel gives 
The intersection the line marked (pm with the 
vertical line marked “limit for (Fig. establishes the proper ordinate 
calculated. Correspondingly, the chosen determines the exact value 

used for determining the steel. shown the dotted lines 
curve, then vertically (up down) the calculated value thence 
horizontally the needed value d'/d). The value ‘can then 
calculated and gives which, for the given conditions, calls for 
equal value. 


Problem Assume the steel indicated the above example more than 
one desires use, more than the specifications permit. larger column 
should tried, new values and calculated, and the 
steel determined the same manner the example above. not sim- 
ple establish, except trial, the column size required for particular 
desired value but the above process short enough permit quick 
solution trying several sizes, Problem 12a the Appendix. 


*Fig. reference (Journal the American Concrete Institute). 
error labeling the right hand ordinate has been corrected. 
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Fig. Find Column Fig. Find Ultimate 
Size and Steel Moment and 


Fig. Forces Equilibrium, Fig. Couples 
Tension Failures with 


Fig. Compression 


e 
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Problem Unsymmetrical steel, for any given value p'm, in- 
volves change procedure except for the use the appropriate 
p'm curve. 


Problem The permissible ultimate moment with given 
given column can found starting with the left and 
the right, shown Fig. The circled point establishes 


Problem The ultimate load given for given column requires 
multiple trials and might better found from the Report Eq. (9): 


(13) 


Tension Failures—Design Without Curves 


better understanding tension failures obtained considering solu- 
tions based simple equilibrium equations. For symmetrical steel and 
rectangular stress block, such solutions are simple that curves and 
formulas are little needed. 

The relationships will established first from Fig. 10. 
Ag, then and the summation vertical forces leads P,. 
For average 0.85 the depth the stress block* must such 
that 


The couple (or must balanced the couple d'). These 
two relationships are very simple use either analysis design, il- 
lustrated the following examples which are similar those already out- 
lined for solution curves. 


Problem find the minimum column size and steel for given load 
and eccentricity, using symmetrical steel. 

Eq. (11) gives the Report value for the maximum load which can ac- 
company failure. With and with used for equa- 
tion results from which the minimum can found, since all other terms 
are known: 


90, 000 


For this bd, any other that may chosen, the depth stress block can 
established from 


Ce = 0.85 f,.ba = Py 


*The careful reader the Report will note that therein the average concrete 
stress limited k,(0.85 with not over 0.85. However, appears 
always part the product 0.85 For design simpler 
picture the average concrete stress 0.85 and define the depth 
stress block terms done here. The result mathe- 
matically identical. 
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located the middle the stress block, the arm the and 
couple known. The required can found from equating this couple 
the resisting couple: 


Problem 2a. the above steel excessive, the size column required 
for any desired percentage steel can found rapidly converging trials. 
The basic equation the equilibrium the two couples, here written for 


For given with and known, any reasonable guess for leads 
equation that can solved for required For this value can cal- 
can calculated and used establish 


Problem 12a the Appendix numerical example this case. 
Problem 4a. The permissible ultimate moment for given ona 
given column can found directly. P,, this establishes the depth 


stress block. Likewise, the steel resisting couple equal establishes 
and thereby e'. 


Problem 5a. The ultimate load given for given column can 
also found directly. The steel resisting couple d') establishes 
the magnitude the couple 

z=e' 0.5t 0.5a 


The stress block depth defined yielding 


The only unknown this quadratic 


Problem 3a. The case unsymmetrical steel more involved; but the 
designer may find that Fig. leads simpler thinking, terms couples, 
than does the formal equation moments about the steel. For greater 
than 

-Af 
+Af -A'f 
When shown vectorially, Fig. 11, the three couples equilibrium 
are 


clockwise 


= 
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Thus becomes apparent that the moment effectiveness relatively 
small because its smallarm. From design point view, does little 
good unless has already developed large depth stress block 


Compression Failures—Basic Theory 


The first term the right side Eq. (11) establishes the maximum com- 
pression that can exist the concrete along with tension failure. From 
can established the corresponding maximum depth stress block for 
this condition: 


0.72 90, 000 0.85 


Those familiar with Whitney’s analysis will note that this limiting value 
not his fixed value 0.537d but rather function fy. For Ag, 
limiting value for this boundary condition can established from the 
basic couples 


For smaller value equivalent value larger than the 
tension steel stress drops below f,; may become zero may even become 
compression. this range some consideration must given unit defor- 
mations. Analyses based deformations lead the conclusion that over 
this range, from tension failure zero eccentricity, approximate linear 
relationship exists between axial load and moment. The Report recommends 
either two relations for such compression failures, one which (Report 
Eq. 13) is: 


btf' 


axial load the section 
eccentricity the axial load measured from centroid tensile re- 
inforcement 
width section 
d', are shown Fig. 12. 


This expression identical with the semi-empirical equation Whitney’s 
the term defined here concrete cover. 


Compression Failures—Design with Curves 


the basis Eq. (14) Whitney has prepared series design 
which are published the Report interaction diagrams usable 
either for tension compression failures. Because the spacing e'/t 


| 
| 
| 
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lines, shown the chart reproduced Fig. 13,* these charts are most 
suitable for design for e'/t values 1.0 less. This was the reason the 
Portland Cement Association curve Fig. was recommended for design 
involving tension failures. The use Whitney’s curves will illustrated 
few examples. 


Problem design column for given and approximate total 
steel value (say percent) and the eccentricity 0.1t. 

should that these curves use percentage gross column 
area bt. For given materials, known. The intersection the line 
0.1t with the curve for the desired p,m gives point which can pro- 
jected horizontally the left (Fig. 13) for required value and 
thus the required bt. The only cut-and-try element involves the cover over 
the steel, i.e., terms Curves are available for 0.80t, 0.85t, 
0.90t, and 0.95t and the extreme range values for these four 
cases with 0.1t seems only about percent. numerical example 
shown Problem the Appendix. 


Problem Analysis given column find maximum for given 
(or the reverse) directly accomplished. One can enter the chart 
Fig. with and and proceed intersection which establishes 
(exactly Problem 6), and can calculated from this 
quantity. 

For given find permissible e', one moves horizontally from the 
given the proper curve establish the permissible /t. 


approximate fixed requires cut-and-try process. The values 
must estimated select the correct chart. Then the value e'/t must 
estimated order enter the chart and find the intersection with the de- 
sired curve. The intersection fixes required value the 
ordinate, bt? the abscissa. Either establishes the column 
size, subject further correction either d/t e'/t has been estimated 
incorrectly. 


Compression Failures—Design Without Curves 


The use Eq. (14) directly for design proves simpler than might 
expected. The sequence the following paragraph suggested for sym- 
metrical steel. 

Assume column size The known concrete cover leads known 
the desired steel ratio for the steel one face. Substitution these 
values Eq. (14) leads and desired which not very 
sensitive the original assumed value. seems desirable second cal- 
culation can made the basis the new value. established, 
the original form (14) can used establish the exact required 
which the only remaining unknown. This method illustrated Problem 
11b the Appendix. 

the value eccentricity indicates the possibility tension failure, 


Fig. 519 reference (Journal the American Concrete Institute). 
Originally from reference 
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Combined Direct Stress and Bending for 
Rectangular Columns with d=O8t (from 


Journal Boston Society Civil 
Engineers, 35, Jan., 1948.) 


ends 


Fig. Interaction Diagram for Compression Failure 


(b) 
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one might wise compare from Eq. with the given The above 
analysis valid only Pp, for symmetrical steel, 


90,000 


tension governs the design. 

second design procedure will now given which builds clearer picture 
what involved the use Eq. (14), even though does not seem 
shorten the calculations. 

straight line,* illustrated Fig. 14a. Only the upper part significant; 
but convenient define and use the intercepts both axes, namely, 

and 


should noted that Eq. (16) the same the value Eq. (8) ex- 
cept that ignores the concrete displaced the steel and that shows 
instead the total this discussion, the foregoing differences may 
considered Hence recommended that taken the 
value Eq. (8) cases symmetrical steel, i.e., 


When the curve Fig. 14a replotted dimensionless form, shown 
Fig. 14b, its equation becomes: 


(18) 


(19) 


Eq. (19) makes desirable design equation, defining what might called the 
equivalent axial load. can solved trial, that is, assuming the ratio 
calculating picking column, and calculating its provide 
better ratio for use another trial. Eq. (20) alternate form 
that useful for checking given column. Both equations are limited 


*The approximate line should pass through the point representing the 
ing case for tension failure; but, with many values and 


misses the point small amount. This small discrepancy 
and will ignored. 
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Circular Columns 


Insofar the writer knows, there are now design aids published for 
the circular column case for the square column with circular pattern 
steel. The Report contains equations for both for tension and compres- 
sion failures, which indicate that there reason why graphs such 
those already discussed cannot made for these forms columns. 

The Report equation for compression failure circular column is: 


(21) 


e 


total steel times gross area 

diameter column 

diameter circle circumscribing the reinforcement 
eccentricity load measured from the centroid 


e' 


The above equation can also used for design exactly outlined for the use 
Eq. (14) with rectangular columns. 

large the column capacity could limited tension, for which 
case the equation is: 


When tension governs, this equation can solved rather quickly for permis- 
sible P,, any given using trial and the desired proper 
can established few trials, after which the equation can solved for 
the needed 


Columns with Bending about Both Axes 


The use uniform stress 0.85 over the compression area makes 
possible solution for loads eccentric about both major column axes that 
far simpler than the elastic solution. Professor Hermann Craemer 
the University Alexandria, Egypt, has presented straightforward so- 


CONC LUSIONS 


This paper has indicated how large variety reinforced concrete mem- 
bers can designed with only such aids are printed the Joint Com- 
mittee Report, even without such aids. single case design procedure 
more difficult than that required present working stress methods, and 
most cases are substantially simpler ideas and arithmetic. The 
Appendix includes number numerical solutions which apply these methods. 

ultimate strength design used produce shallower beams, more 


y 
vet, 
~ 
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attention must given deflections; but ultimate strength design need not 
necessarily lead once shallower members. This under the designer’s 
control, choose sees fit. 

time, more design aids will undoubtedly available shorten design 
procedures. Even now the writer’s firm belief that ultimate strength 
design not only better design but also simpler design. 


NOMENCLATURE 


gross column area 
steel area 

Asf 


parts tension steel 

compression steel 

imaginary compression steel used calculations 
substitute for compressive strength projecting 
flanges T-beam 

Ast total column steel 

depth rectangular stress block 

effect basic loads, calculation needed ultimate strength 
width rectangular beam column; total width T-beam flange 
width web T-beam 

total compression beam column carrying moment 

total compression concrete 

diameter circular column 

depth beam column from compression face tension steel; 
also, circular column, the diameter circle circumscribing 
the reinforcement 

cover over steel, measured from center bar 

eccentricity axial load measured from the centroid tension 
steel 

eccentricity axial load measured from the centroid member 
concrete cylinder strength, psi 

steel stress tension 

yield point stress steel 

ratio distance between resultants compressive stress and ten- 
sion stresses depth 

load factor, calculation ultimate strength 

ratio average compressive stress 0.85 used also ratio 

ratio distance between extreme fiber and resultant compres- 
sive stresses ratio the same distance the depth 
equivalent stress block 

ratio distance between extreme fiber and neutral axis depth 
(to steel) 

effect live load plus impact, calculation needed ultimate 
strength 

calculated ultimate bending moment resistance ignoring any weak- 
ness tension 

ultimate bending moment 
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parts total moment 

symbol for 0.85 

symbol for m-1 

ratio modulus elasticity steel that concrete 
ultimate (eccentric) load capacity column when failure both 
tension steel and compression area occur simultaneously 
ultimate load capacity column under concentric load 
ultimate load capacity column under eccentric load 
limitation ultimate load capacity long column 
symbol for A,/bd 

symbols for for column 

symbol for 

symbol for 

symbol for A!/bd 

symbol for 

total tension 

parts total tension 

thickness; also column thickness 

ultimate strength section 

moment arm (see Fig. 11) 


tt 
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APPENDIX 


Typical Problems 
Beams 


Problem 
Calculate the ultimate moment capacity rectangular beam having 
Solution 


Using curves. Enter Fig. the right with 300/(15 24) 0.00833, 
proceed horizontally 50,000, thence vertically 3000, thence 
horizontally the left read about 370. 


Without curves. Max. 0.40 0.40 3000/50,000 0.0240. 
50,000/(0.85 3000 15) 3.92 in. Arm couple 3.92/2 22.04 in. 


3.0 50,000 22.04/12 276,000 foot pounds. 


The agreement would closer curve with finer scale were available. 


Problem 10. 
Design rectangular beam carry ultimate moment 200 with 


3000 psi and 


50,000 psi. 


Solution 


Absolute minimum size would obtained using 0.40 0.40 
3000/50,000 0.0240. Since this would require careful analysis deflec- 
tion, will limited the 0.18 value suggested the Report the 
break point where such special analysis necessary. 0.18 
3000/50,000 0.0108. 


With curves. Enter Fig. with 0.0108 Prob. and read 


453. Enter Fig. with this value, proceed horizontally 

12x 
3000 psi, thence vertically 50,000 psi, and finally horizontally 


Without curves. The minimum possible beam size would given 
from Eq. (4a). If, (a) above, decided use 
value Eq. (2b) gives 
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bd? 4980. Use in., 20.3 in., say in. 


will satisfact ory value use Eq. (2a): 


2.56 


This probably more accurate than value which can read from curves, 
but can refined using 2.56/(12 21) 0.0101 Eq. (2a). The 


Problem 11. 


Design square tied column for ultimate axial load 400K using 
3000 psi and approximately percent steel intermediate grade 
40,000 psi). Attention called the Report recommendation that all 
designed for minimum eccentricity which 0.10t for the case 
tied columns. 


Solution 


Using Curves. The chart Fig. 13, which assumes 0.8t will 
40,000/(0.85 3000) 0.314 and with determine intersection, 
3000) 165 12.8 in. Use in. For 1.5 in. cover, 
0.25 ties, No. bars, 1.5 0.25 0.5 10.75 in. 0.825t. Pre- 
cision would require interpolation between charts for 0.8t and 0.85t, 
but the use the chart Fig. will the safe side. Actual 
400,000/(3000 13) 0.79. horizontal line through this 


Without curves. The design will based Eq. (14): 


The three terms the last parentheses represent simply the eccentricity 
about the center column 0.1t. Assume in., 1.5 in. cover 
0.25 in. ties 0.5 in. (for half bar diameter) 2.25 in. =16 
column): 
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3000 


+ 1.18 


12.6 in. 


in.: 


5. 55/78.50 3x 13 (0.1 x 13) + 1.18 
will noted that this calculation very insensitive poor initial guess 


for The same equation will now solved for 


The calculated steel slightly less than from the chart because the actual 
slightly more than the 0.8t upon which the chart based. 

obvious that the same procedure available when the eccentricity 
known inches. However, load much outside the 
kern point, the load must compared with from Eq. (11). The above 
process assumes compression failure and such will not occur the actual 


Problem 12. 


Design square tied column for ultimate load 400K eccentrici- 
in., using 3000 psi and approximately percent intermedi- 
ate grade steel (fy 40,000 


Solution 


Using curves. Although the chart Fig. might used, the chart 
Fig. better for designs which involve possible tension failure. For 
symmetrical steel p'm The smallest possible column given 
the intersection the line p'm with the vertical line the right 
for 40,000 psi. This corresponds 0.505 and p'm d'/d 
0.253. Since 40,000/(0.85 3000) 15.7 and near 0.2 
making near 0.8t, the required 0.253/(0.8 15.7) 0.0201, somewhat 
greater than the desired value 0.01. The corresponding column size, 

264/0.8 331 18.1 in. trial, select larger column order 
reduce the steel requirement. 
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Try in. and 1.5 in. 0.37 in. ties 0.5 in. (for half bar diame- 

proceeds horizontally from 0.378 the left intersect the 
p'm curve, thence vertically intersect the 
0.400 curve, and finally horizontally read p'm d'/d) 130 the 


ever, additional trial may give value closer the desired 

chart defines rather than terms total column area. Re- 
(close enough considering accuracy reading curves) with form bars 
compression face and four tension face. 


Without curves. The smallest possible column would given when the 
value from Eq. (11) made equal the known 400K. With sym- 
metrical steel the last two terms are equal and opposite, giving: 


1500 400,000 


tension balances the compression the compression the con- 


crete Py. Hence the depth stress block 


Fig. shows the lever arm for the couple formed 
moment 400 6.37 2548KI. The moment must balanced the 


This considerably exceeds the desired percent which would 3.24 in.? 


400,000/(0.85 3000 19) 8.25 in. 
z=11 9.5 5.63 in. 


ne 
|. 
= 
= aS 
is 
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Use in. column with 4-No. compression face and 4-No. ten- 
sion face, 8.00 in.? 


might emphasized that, with symmetrical steel, this solution just 
rapid without the assistance curves. 
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SYNOPSIS 


The paper presents general method for calculating the distribution 
longitudinal moments, deflections etc. bridge decks based the assump- 
tion that the transverse system can replaced uniform medium the 
same total flexural rigidity. Distribution coefficients are derived for each 
harmonic the total bending moment deflection curve for the span; the 
derivation these coefficients illustrated for the general case beams 
with arbitrary torsional rigidity but design sufficiently accurate 
interpolate between zero and infinite torsional rigidity means suitable 
interpolation function, shown that bridge having large number 
longitudinals can replaced equivalent five longitudinal structure for 
the purpose determining its deflected cross section and thence distribution 
coefficients for its longitudinals; graphs distribution coefficients for five 
girder bridge are therefore included the paper. The application this 
method slabs then considered; this case necessary derive 
coefficients for system which the ends the longitudinals remain up- 
right. Again the general solution for arbitrary torsional rigidity demon- 
strated but the previous case possible design calculations 
interpolate between zero and infinite torsional rigidity. Numerical examples 
showing the method calculation are included and comparisons between 
theoretical and experimental results are made for steel and concrete tee- 
beam, steel beam and jack arch, beam and slab, filler joist bridge decks and 
reinforced concrete slab. 


INTRODUCTORY 


The modern practice transporting very heavy, indivisible loads road 
haulage has given rise the need for easily applied and accurate method 
calculating the division loads between the main girders highway 


Note: Discussion open until December 1956. Paper 1023 part the copyrighted 
Journal the Structural Division the American Society Civil Engineers, 
Vol. 82, No. July, 1956. 

Prof., Faculty Eng., University College Khartoum, Africa. 
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bridges resulting from their interconnection cross-girders deck slab, 
number solutions have been proposed recent years the most success- 
ful far being moment distribution(1,2) the theory anistropic 
The authors have developed method analysis(4) rather 
different lines which they believe possess number significant advan- 
tages over earlier theories. These advantages include the following: 


The derivation relatively simple and may fully understood any 
engineer who has knowledge elementary calculus and Fourier 
series, 

The solution obtained the form distribution coefficients which 
have immediate physical significance and which may plotted against 
certain dimensionless parameter for design purposes. view 
this, the method can used the design office matter routine 
even although the designer may not have followed through the derivation. 
Further, the calculations for even quite complicated structures are 
very 

The method has wide field application and has been applied 
single span and continuous bridges, portal frames, skew spans, slabs 
and variety other has been successfully applied 
actual bridge structures widely different constructional form, 


The purpose this paper show the application the method the 
calculation the distribution longitudinal moments and deflections 
bridges having large number longitudinals and also reinforced con- 
crete slabs. Only the single span case will considered here but the 
methods will apply all the structures analysed the authors other 
publications, 


The Method Analysis 


Although attempt will made this paper discuss the method 
analysis detail necessary this point describe briefly the assump- 
tions made the analysis and give some indication how the distribu- 
tion coefficients quoted were fact requires only 
one simplifying assumption and that that the actual transverse system 
should replaced continuous medium, This accordance with fact 
beam and slab bridge but even when the transversals are discrete mem- 
bers has been found that the assumption valid for few three cross 
girders. most bridges, with the exception slabs, torsional effects the 
transverse system are negligible and are neglected the analysis but 
possible take transverse torsion with very little difficulty cases where 
this necessary. Although distribution coefficients may derived for any 
degree torsional rigidity the longitudinals convenient consider 
three limiting cases regards torsion the longitudinals and obtain 
intermediate results suitable interpolation function, The three limiting 
conditions are follows: 


That which the longitudinals are negligible torsional rigidity. 
That which the longitudinals are infinite torsional rigidity but may 
rotate rigid bodies about their longitudinal axes. 
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That which the longitudinals are infinite torsional rigidity but are 
prevented from rotating case (b) external torques. 


Case (a) applies bridges which the torsional rigidity the longitudinals 
very small comparison with their flexural rigidity e.g. structural steel 
sections, Case (b) found apply most practical concrete bridges 
whilst case (c) rarely applicable any kind bridge but used the 
analysis for certain purposes, 

important property rectangular grid frames which underlies the 
authors’ method may now stated. This that any system inter- 
connected beams this type one the longitudinals loaded such way 


that the load intensity any point proportional the deflection that point, 


then all the longitudinals the system assume the same deflected form. This 
proposition has been proved elsewhere(9) but will readily seen that 
the case simply supported longitudinals single span the load profile 
which satisfies this condition sine curve which clearly gives deflection 
the same form. the assumption continuous transverse medium 
relatively easy derive distribution coefficients for the harmonic com- 
ponents the applied load, free bending moment diagram free deflection 
curve, (Free bending moment diagram and free deflection curve are respec- 
tively the bending moment diagram and deflection curve which would result 
the applied load was carried the loaded girder itself.) 

illustration the method analysis may consider the case 
three longitudinal girder bridge loaded the centre girder. All girders are 
assumed equal flexural aad torsional rigidity, and respectively. 


Then the bending moment and shear the edge the transverse medium are 
found the usual slope-deflection equations (referring Fig. 1): 


Fic. 
where 
(3) 
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Considering first harmonic deflection the loaded girder then the deflec- 
tions girders (2) and (1) are respectively: 


The deflection the bridge symmetrical about mid-span that the tor- 
sional equilibrium condition for the outer longitudinal is: 


Assuming that the angle rotation distance from midspan given by: 
then: 


(8) 
Further, the torque girder (1) from mid-span is: 
Thus: 
i.e. 
Substituting: 
and 


integrating and inserting limits obtain: 


a t 
= 
= 
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which reduction gives 


Putting: 


From (1) and (2): 


and putting 
Substituting (1): 


The loading applied longitudinal (1) then: 


For first harmonic solution replace its first harmonic component: 
(22) 
the equation for This leads to: 


where 


(19) 
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Writing: 


(25) 


equation (3) becomes: 
a,= (4) (26) 
Now the free deflection previously defined and the 


substituting (4) gives: 


and the distribution coefficients for girders (1) and (2) are respectively: 


The derivation distribution coefficients for the limiting cases 
and infinity and also for the case torsionally stiff longitudinals pre- 
vented from rotation carried out similar The coefficients 
obtained are the same form but for the torsionless case replaced 
K/4 and for the “no rotation” case replaced found that for 


the first and third cases the distribution coefficients for any harmonic i.e. 


sin are found simply replacing the formulae for 


the first harmonic coefficients. the infinity case, however, rotation 
the longitudinals accounted for almost entirely the first harmonic de- 
flection component; second harmonic deflection would impose system 
torques the longitudinals anti-symmetrical about mid-span which would 
produce rotation all whilst third harmonic deflection would result 
only very small unbalanced torques and correspondingly small rotations. 
The authors therefore follow the practice calculating the distribution 
coefficients for the second and higher harmonics this case the assump- 
tion that rotational effects are negligible, that say using the coefficients 
for the third limiting case. 

The above example for purposes illustration and for dealing with 
bridges having many longitudinals are interested the distribution coef- 
ficients for five girder bridge. The formulae for these coefficients for 
are plotted Figs. 2-10. For coefficients the range between zero torsion 
and infinite torsion intermediate values are most conveniently found 
interpolation between the appropriate limiting values using the following 
function: 
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analysing the load distribution bridge the procedure therefore 
resolve the applied loading, free bending moment diagram free deflection 
curve into harmonic components and distribute these harmonics separately 
using the appropriate distribution coefficients. practice the bending 
moments and deflections are greatest interest and will rarely neces- 
sary distribute more than three harmonics the bending moment diagram 
and one the deflection curve; frequently distribution the first harmonic 
sufficient accuracy for design purposes. 


Analysis Bridges with Many Longitudinals 


The method described above could used determine distribution coef- 
ficients for bridges having more than six longitudinals but the solution would 
tedious and the resulting formulae rather cumbersome, has been found, 
however, that there need work out coefficients for more than five 
six girders since the transverse deflected forms comparable bridges hav- 
ing more than this number longitudinals are identical. This may 
demonstrated for both the torsionless and torsionally stiff cases the follow- 
ing manner: Suppose that the actual bridge replaced equivalent plate 
the Massonet(3) analysis; then the plate will have effective width 
N.h where the number longitudinals the bridge. now find 
the value for, say, five six girder bridge which would replaced 
the same hypothetical plate. For the bridge having longitudinals: 


Now and the ratio total transverse total longitudinal flexural 
rigidity are the same both bridges, therefore: 


Thus may replace bridge girders one five six girders 
multiplying for the original bridge (6/N)4 respectively. 
Convergence Transverse Form 


Using this device may now compare the transverse forms bridges 
having various numbers longitudinals for the and infinity cases. 
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Suppose that take the starting point three girder bridge for which 
2.0 then for other numbers girders have applying the above con- 
version 
For girders 2.0 

32.0 

Considering first the torsionless case and assuming load the outer girder 
each bridge the distribution coefficients for the various girders are shown 
Fig. 11. The transverse deflected forms are course proportional 
these curves and order see whether they are geometrically similar 
necessary select one them—say the six girder curve—as the basis 
comparison and then multiply the ordinates the others N/6. Coincidence 
the curves will then indicate that the deflected form the same. This has 
been done Fig. from which will observed that the curves for five, 
six and seven girder bridges practically coincide; the four girder curve 
slightly off and the three girder curve considerably off the datum curve. 
Fig. shows similar set curves for the load placed the centre the 
bridge; this case all five curves coincide. 

appears then that the transverse forms converge the number gir- 
ders increased and may assumed that the transverse forms for five 
more longitudinals coincide. 

Turning now the torsionally stiff case. first necessary observe 
that the parameter never actually infinite although the torsional stiffness 
the longitudinals may large enough make the assumption 
infinity sufficiently accurate for practical purposes. Now: 


from which immediately clear that changing from longitudinals to, 
say, six must adjust the value multiplying (N/ has 
been found from theoretical investigation and confirmed experimentally that 
for three four girder bridge greater than about 1.25 suf- 
ficiently accurate calculate the distribution coefficients were in- 
finite. Thus start with three girder bridge for which 2.0 and 
2.0 the corresponding values and for equivalent four, five and six 
girder bridges are follows: 

calculating the distribution coefficients for the four, five and six gir- 

der bridges cannot therefore assume that infinity and must employ 
the coefficients for the appropriate value This leads the curves 
Figs. and which show that the transverse forms equivalent bridges 
having more than four girders may considered identical. 
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Distribution Coefficients for Bridges Having More than Six Longitudinals. 


follows from the above that possible plot the transverse deflected 
form bridge having any number longitudinals from the coefficients for 
five six girder bridge using the adjusted values and this curve 
plotted shown Fig. and the positions the centres the longi- 
tudinals the N-girder bridge are marked along the base line then the 
hatched areas fractions the total area the diagram represent the 
distribution coefficients for the longitudinals the N-girder bridge. Since 
the strips into which the diagram divided are equal width convenient 
take the mean ordinate the curve each strip representing the area 
and the distribution coefficients for the longitudinals are then very quickly ob- 
tained. drawing the transverse profile will found frequently that the 
loads are applied points between the longitudinals the equivalent five 
girder bridge and this case necessary plot influence lines showing 
the variation the distribution coefficients with transverse position the 
load (see Fig. 17). From these curves possible pick off the distribu- 
tion coefficients for any load position. Again the peak value the transverse 
deflection curve will very often located between the longitudinals the 
five six girder bridge and order plot the curve helpful draw 
i.e. the distribution coefficient station for the load 


Points this curve are known each the longitudinals the five 
girder six girder bridge and the curve may sketched shown 
Fig. 17. 
example may consider the determination distribution coeffi- 
cients for load girder (4) the reinforced concrete T-beam bridge 
shown Fig. which has ten main girders span. the moments 
inertia each main girder and ft. run the slab are estimated 
83,134 ins.4 and 241.7 ins.4 respectively obtain: 


For the equivalent six girder bridge: 
the torsional rigidity each main beam 115,500C in. units: 


For the six girder bridge therefore: 
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may therefore use the infinity coefficients for this bridge. Influence 
lines for and are now plotted Fig. 17; the values read off 
lead the transverse profile for the given loading shown Fig. 16. Reading 
off the mean ordinates the points corresponding the ten girders the 
bridge obtain: 


Girder No. Ordinate 


Our 


will observed that, the reciprocal theorem, the influence line for any 
girder fact the curve distribution coefficients for the load that gir- 
der e.g. considering the influence line for Ro, will seen that 
R32 etc. 


Application the Theory Slabs 


Having shown how the theory may applied grids with large numbers 
longitudinals obvious development examine the possibility ap- 
longitudinal elements then the behavior the slab such that the ends 
these elements not rotate. each element was infinite torsional stiff- 
ness would expect find that the distribution coefficients based the 
infinite torsional rigidity and rotation assumption would applicable. 
the elements were negligible torsional stiffness the distribution would 
given the coefficients. Actual slabs will lie somewhere between these 
extremes and the problem applying the authors’ theory resolves itself into 
that deriving distribution coefficients for any value the assumption 
that the ends the beam elements not rotate. The coefficients are de- 
rived for longitudinal torsional stiffness only but transverse torsional stiff- 
ness allowed for taking the parameter being the sum the 
torsional stiffnesses the longitudinal and transverse directions. The 
reason underlying this procedure will appreciated considering the well 
known differential equation for anisotropic slab; this the 
torsional rigidities per unit length not occur separately and the twist 
component the equation contains only the sum these torsional rigidities. 
Thus would possible obtain the same deflections for infinity 
slabs provided that the sum the torsional rigidities constant. particu- 
lar, slab which the torsional rigidity occurs one direction (with zero 
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torsional rigidity right angles) will give the same deflections all the 
other members the set. This the result including the parameter 
the sum the longitudinal and transverse torsional rigidities. 

The derivation distribution coefficients for any value for five 
girder bridge the assumption that the ends the beams not rotate will 
now shown for the loading girder With the same notation before: 


etc. 


this case: 


that considering girder (1) 


Taking unit length girder (1) and letting the torque this element 
then 


Now dT/dx clearly that (5) and (6): 


and substituting for 
Similarly the torque per unit length girder (2) and this leads 


to: 


symmetry that solution (7) and (8) 
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Denoting the loading transmitted the longitudinals through the transverse 


(46) 


which becomes: 


Similarly: 


Same denominator. 


For loading girder (1) the calculation most conveniently done two 
parts. Distribution coefficients are derived for symmetrical system con- 
sisting equal downward loads girders (1) and (5) and are combined with 
the coefficients for skew symmetrical system consisting equal loads one 
acting downwards (1) and the other upwards combination the 
loadings girder (5) cancel each other out and the resulting coefficients 
are for the loading girder (1). Distribution coefficients for the load 
girder (2) are obtained the same manner. Using these coefficients was 
verified that the interpolation function previously quoted applies accurately 
this case also. For distribution coefficients for higher harmonics 
interpolation. 
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The Parameters and for Slabs 


convenient calculate for slab the following manner. Suppose 
that the slab divided into longitudinal strips the distance between the 
centres which then Letting the ratio per foot longitudinally 
transversely then for each element: 


(51) 


Similarly: 


where and are the torsional rigidities per unit length the trans- 
verse and longitudinal directions respectively. the slab uncracked 
sufficiently accurate assume isotropic behaviour which case 
and k.d3 where the thickness the slab. isotropic slab 


(54) 


The value taken above based the assumption that the shear stress 
will vary through the depth the slab the manner indicated Fig. 19. 
This believed more correct than calculating the torsional rigidity 
small rectangular element this latter procedure would lead result 
which depends the width the element selected. For E/C 2.5 cor- 
responds value 0.208 the formula for the torsional constant 
rectangular bar. 

further point which may noted here that, order allow for the 
effect lateral restraint the deformation the material slab, 
modified value should used calculating the deflections for slab. 
This value (14); 


The distribution deflections not affected but their magnitude reduced 
result this effect. 
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The method analysis has also been found apply accurately cellular 
plated structures consisting “egg box” grid diaphragms covered 
skin plating. this case and are exactly for isotropic slab. 


Numerical Example 


example the method analysis for slabs, suppose that re- 
quired calculate the transverse distribution deflections and bending 
moments reinforced concrete slab span width ratio 1:3; the rein- 
forcement per foot the same both directions and the slab carries 
single concentrated load its centre point. this case have for 
equivalent five beam grid: 


The distribution coefficients for this value for load the centre 
girder were interpolated between values read off Figs. and using the 
interpolation function previously quoted; the coefficients are plotted Fig. 
20. Suppose now that take (i.e. dividing the width the bridge 

into ft. strips) obtain from Fig. the first harmonic distribution coef- 
ficients shown Table Third harmonic coefficients have also been calcu- 
lated for the five girder bridge and are plotted Fig. 20. The resulting coef- 
ficients for are given Table 


TABLE 
Distribution Coefficients for Reinforced Concrete Slab 


Harmonic 3rd Harmonic 
Ord. 


0.0062 
0.0078 
0.0125 
0.0202 
0.0311 
0.0437 
0.0561 
0.0811 
0.1121 
0.1292 
Sum Sum 


our wn 


The free deflection series for point load simply supported beam 
distance from the left hand end is: 


3 


ASCE 
(56) 
Ord. 
0.03 0.009 
0.11 0.033 
0.28 0.089 
0.43 0.134 
0.75 0.234 
1.60 
3.21 3.20 
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this example L/2 that taking the first two terms: 


Thus the first harmonic accounts for 98.75% the total deflection and the 

third harmonic for the remaining 1.25% the harmonics higher than the 

third are negligible. The percentage the total deflection each element 
across the width the slab then obtained applying the first and third 

harmonic distribution coefficients 98.75 and 1.25 respectively and adding 

the results Table 2(a). 


TABLE 


(a) Deflection Distribution Reinforced Concrete Slab 


First Harmonic Component Free Deflection 98.75 units. 
Third Harmonic Component Free 1.25 units. 
Harmonic 0.61 0.77 1.23 1.99 3.07 4.31 5.54 8.00 11.1 12.8 
Total 0.61 1.23 1.99 3.07 11.3 13.1 


(b) Bending Moment Distribution Reinforced Concrete Slab 


Harmonic Compt. Free Bending Moment mid-span units 
3rd Harmonic Compt. Free Bending Moment mid-span= units 
Higher Harmonics units 


Harmonic 0.50 0.63 1.01 1.64 2.52 3.54 4.54 6.57 9.08 10.48 


Total 0.50 0.63 1.01 1.64 2.52 3.62 4.84 7.37 11.78 16.55 
The series for the free bending moment diagram is: 
(59) 


. 
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the deflection series harmonics higher than the third were negligible but 
the bending moment series this longer the case; the first harmonic 
accounts for 81% the free bending moment, the third for the higher 
harmonics for the remaining 10%. The higher harmonics, however, are al- 
most entirely retained the elements the immediate vicinity the load 
and the distribution bending moments shown Table 2(b) terms 
percent the total moment the span. (The results this calculation are 
plotted and compared with experimental values Fig. 29.) 

design the results for number point loads may obtained 
superposition. For complicated loading may found advantageous re- 
solve the free bending moment diagram into harmonic components one 
the well known numerical methods. 


Tests Large Models and Full Sized Bridges 


considerable interest compare the results given the theory 
with those obtained tests large models full sized structures. For 
this purpose the authors have drawn the results tests carried out the 
Building Research Station, Watford, England, and the University 
which have been published recent years. 

may first examine two the field tests reported Dr. Thomas 
the Conference the Correlation Between Calculated and Observed 
Stresses and Displacements Structures (1955).(10) 


Uxbridge Canal Bridge 

This was concrete T-beam bridge with steel plate girders the cross 
section shown Fig. having ten main girders and loaded means 
ton low loading vehicle. 

must first estimate the parameters and for the structure. Con- 
sidering the T-beams separate units obtain value 3.1 based 
know the moments inertia the main beams and the deck slab and here 
encounter two difficulties. First there the uncertainty surrounding the 
composite action the steel and concrete elements and secondly there the 
question the elastic modulus concrete. The moment inertia the 
deck slab assuming critical percentage steel and effective depth 
was found the conventional equivalent concrete area method 407.2 ins4 
(concrete units) taking modular ratio and 241.7 ins.4 with modular 
ratio Assuming that the deck slab acts with the steel beam com- 
posite girder (see Fig. 22) find that the moment inertia the longitudi- 
nals 68,664 and 83,134 ins.4 (steel units) with modular ratio 
and respectively. These values lead to: 
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Thus the values corresponding these two values the modular ratio are 
quite close and the difference the distribution coefficients for these two 
values will very small indeed. appears then that even very large er- 
ror the assumed value the modular ratio will make very little difference 
the distribution the loads between the girders. Calculation stresses 
course radically affected the assumed value the modular ratio but 
this question which arises relation all concrete structures. 

Taking 1.33 for the bridge under consideration and calculating the 
distribution coefficient for each longitudinal obtain the following compari- 
son between experimental and theoretical values (the coefficients quoted are 
percentages total deflections): 


Laurel Bridge Chadderton 

The second bridge steel beam and jack arch structure the cross- 
section shown Fig. 23. this case the difficulties defining the effective 
sections the longitudinals and the transverse system are greatly in- 
creased, Firstly, the dimensions the longitudinals are idealised into the 
composite section shown Fig. 24, following the proposals Thomas and 
Short.(11) Assessment the transverse stiffness still more difficult; 
first glance appears that the bridge would have high transverse stiffness 
but when observed that there effective continuity the concrete 
through the longitudinal steel girder (see Fig. 25) clear that conserva- 
tive view should taken the effective depth the transverse slab. 
reasonable estimate this depth would therefore seem giving 
transverse moment inertia 729 ins.4 per ft. Then: 


§-33 37, 240« 


Using this value and infinity the distribution coefficients for the 
various girders are follows: 


Comparison between the experimental and theoretical results shows excellent 
agreement but the previous case must said that this remarkable 
correspondence least partly fortuitous. Not only possible vary 
the value assuming different dimensions for the sections the beams 
and slab but also the experimental results were far from Neverthe- 
less, these results are very encouraging especially when remembered 
that even quite large variations produce only few percent change the 
values the distribution coefficients. 


Tests Model Beam and Slab Bridge 

may now consider the results tests model beam and slab bridges 
ft. span reported Thomas and Short.(11) The model consisted six 
rolled steel sections placed ft. centres which was laid 
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thick slab reinforced top and bottom 1/4" bars 1-5/8" centres with 1/2" 
cover. Assuming uncracked section the moment inertia the slab per 
foot run was ins.4 (concrete units) giving: 


The modular ratio 6.5 was taken from the figures quoted Thomas and 
Short. For this value the first harmonic distribution coefficients for the 
various girders with the load placed over girders (1), (2) and (3) turn are 
follows: 


Load (1) Load (2) Load (3) 
Theory Exper. Theory Exper. Theory Exper. 


appears therefore that the proportions the total moment taken 
each beam can estimated with reasonable accuracy. This far the 
distribution theory can carry us—inspection the strain measurements made 
Thomas and Short indicates that the beams were called upon transmit 


much smaller proportion the total moment than can easily accounted for 
simply considering the rigidity the slab the direction the 
span. There would appear further reduction the moments possibly 
resulting from the dispersion applied point load both transversely and 
longitudinally. 


Filler Joist Slab Bridge 

The second model bridge tested Thomas and Short which may con- 
sider was filler joist slab consisting sixteen 121 rolled 
steel sections 12" centres embedded concrete slab thick. The 
span was again ft. and the concrete cover the lower flanges the steel 
beams was 1". Light reinforcing fabric was laid above and below the steel 
beams. The model was loaded single point load mid-span first the 
centre the bridge then near the edge. 

all composite structures the difficulty estimating the moments 
inertia, longitudinally and transversely, immediately encountered. 
first approximation one might assume the flexural rigidity per foot 
equal both directions; this gives 810 but results too much distribu- 
tion will seen from Fig. which shows experiniental and theoretical 
coefficients for beam deflections. Taking cracked section transversely 
gives 282 ins.4 per ft. width and for the composite beam longitudinals 
530 ins.4 results 430. (The figure 530 ins.4 for was derived 
from the measured free deflection and the experimental value quoted 
the paper; attempt was made derive purely theoretical value for I.) 
then obtain the deflection distribution coefficients shown the full line 
Fig. and this shows excellent agreement with Thomas and Short’s 
experimental results. The experimental points shown Fig. were taken 
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from small diagram the paper; this diagram showed zero deflections 
the two outermost girders but this conflicts with the strain readings re- 
corded these beams and also appears erroneous the two readings 
referred were discarded. considerable interest note that 
almost two one ratio the value produces relatively small change 
the distribution 

The deflection coefficients shown Fig. include first and third 
harmonic components the deflection curve and this sufficiently accurate. 
dealing with the strains bending moments, however, necessary 
allow for the higher harmonics the beams nearest the load. the free 
bending moment (WL/4) taken 100 units the amplitudes the first and 
third harmonics are respectively and units leaving units ac- 
counted for the higher harmonics. The distribution these moments be- 
tween the various girders then follows: 


1.97 
2.67 0.01 2.68 

3.58 0.02 3.60 

4.44 0.07 4.51 

5.47 0.23 5.70 

6.40 0.67 

7.37 1.41 8.78 

8.59 2.11 5.0 15.70 


The large contribution from the harmonics higher than the third the 
two girders nearest the load results form the pointed shape the free 
bending moment diagram. These theoretical results are compared with the 
experimental values found from strain readings Fig. 27; the agreement 
very satisfactory. 

The deflection distribution for this bridge model has also been investigated 
with the load near the edge the slab. this case the parameter assumes 
greater importance but even more difficult estimate with accuracy than 
Various assumptions the effective torsional rigidity the slab 
longitudinally and transversely give values between 1.1 and 2.83 for the 
equivalent five girder bridge and therefore encouraging find that even 
this three one variation makes only small difference the resulting 
distribution curve, will seen from Fig. 28. The assumption isotropy 
would give 1.7 and this case would result very accurate estimate 
the deflection distribution. 


Model Reinforced Concrete Slab Bridge 

very large number tests slab and beam and slab bridges have been 
carried out the University these tests have been described 
outline Prof. Richart Symposium Highway Bridge Floors 
organized the American Society Civil Engineers 1949.(12) may 
consider here the results test simply supported slab ft. ins. 
and ft. ins. width carrying central point load. The slab was 6-1/2" 
thick and reinforced 1/2" square bars centres longitudinally and 
5-1/2" centres transversely. The load distribution was calculated the 
assumption that the moment inertia was the same both directions. The 
slab was divided transversely into elements and the distribution bending 
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moments per foot width across the slab mid-span found shown 
Fig. 29. Points obtained from the experimental results are also shown and 
excellent agreement obtained. 


CONCLUSION 


may concluded that the authors’ method provides accurate and 
easily applied means calculating the load distribution many common 
types highway bridge decks. From the examples quoted evident that 
the main difficulty applying the theory not the distribution theory 
itself but assessing the effective moments inertia, torsional constants 
and elastic moduli the bridge elements, particularly compound concrete 
and steel members. Nevertheless, has been shown that even wide varia- 
tions the assumed properties the elements results relatively small 
variations the distribution coefficients. 
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Notation 


Span bridge. 

Spacing longitudinals. 

Number longitudinals. 

EI, and torsional rigidities longitudinal respectively. 
and torsional rigidities transversal (in slab 
flexural and torsional rigidity per unit length). 

Concentrated load. 
Distributed load. 
Distance measured direction span, 
Vertical deflection. Suffixes indicate girder referred to. 
Free deflection i.e, deflection one longitudinal carried total load 
unaided. 
Amplitude first harmonic component 
Amplitude first harmonic component 
Harmonic parameter i.e. 


(65) 


Angle rotation section longitudinal. distance from mid- 


defining the twist the longitudinals. 

Bending moment transverse medium. 

Torque applied longitudinal transverse medium. 

Distribution coefficient. Suffixes indicate girder which coefficient 
applies and girder which load acts e.g. coefficient for girder 
(1) with load girder (2). 


+ 
ices 
> 
3 
q 
q 
4 
| 


ASCE SAEGER 1023-45 
Torsional constant for element slab. 
Poisson’s ratio. 


Ks, Kg, refer bridges with five and six longitudinals respectively. 
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Discussion 
“HIGH STRENGTH STEEL BOLTS STRUCTURAL PRACTICE” 


Mace Bell 
(Proc. Paper 651) 


MACE A.M. ASCE.—The writer wishes thank Mr. Hansen for 
his discussion the paper comparison with the experience the Coordi- 
nator General’s Department the erection the Burdekin River Bridge 
North Queensland, Australia. interesting note that the cost experience 
the two countries similar. The favorable cost high-strength bolted 
connections one the factors that has contributed the very fast growth 
their use the United States. 

The practice checking small percentage the bolts, after tightening, 
means manual torque wrench, followed some erectors this 
country, even though not required the specifications. Where this 
“check procedure” employed, the “equivalent torque” required first de- 
termined calibrating the manual torque wrench the calibrating device. 

the writer’s understanding that where such “spot checks” are used, the 
objective insure that consistently good workmanship being obtained 
from the bolting crews. addition, such “double serves insure 
accuracy the impact wrench calibration. 

Since the paper was written, the Research Council Riveted and Bolted 
Structural Joints the Engineering Foundation has issued Appendix 
approved December 15, 1955, which contains answers and authoritative guid- 
ance certain questions that have been raised the application the Speci- 
fications for Assembly Structural Joints Using High Strength Steel Bolts— 
February 1954. 

Section this Appendix, the Council approves so-called “one turn 
the nut method” satisfactory means insuring sufficient pre-tension 
the bolts. This method, mentioned briefly the writer’s paper, gaining 
favor this country because its simplicity. For complete discussion 
the development the method, readers are referred Proceedings Paper 
#786, Drew, A.M. ASCE. 

The writer agrees with Mr. Hansen that connections made multiple 
plies must drawn tightly together during erection, insure that the speci- 
fied bolt tensions are obtained when all bolts the connection are tightened. 
The current practice the United States install and tighten enough bolts 
during erection insure tight “draw down” the assembled parts. The re- 
mainder the bolts are then installed and properly tensioned. completion 
this step, those bolts used during fitting-up and erection are re-tightened, 
are removed and new bolts are installed and tightened, depending the 
erector’s 

complaints cracking splitting the wrench sockets have come 
the writer’s attention. There question but that the chance wear the 
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socket, and chance possible failure the socket increased where there 
loose fit between the socket and the nut. The erectors this country re- 
port that loose fit the socket the nut the wrench drive shaft re- 
sults loss power and requires upward adjustment air pressure the 
impact 

may that the sockets referred Mr, Hansen were not properly 
heat treated. Also there the possibility that the sockets used were original- 
designed for use with manual wrenches. 

The anticipated socket life undoubtedly subject many variations. One 
large fabricator reports that the sockets they use, purchased 
accessary from one the leading impact wrench manufacturers, tighten 
40,000 High Strength bolts before showing undue signs wear. 
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Discussion 
“INF LUENCE LINES FOR MOMENT AND SHEAR CONTINUOUS 


Anthony Hoadley 
(Proc. Paper 734) 


ANTHONY ASCE.—Mr. Benjamin Wei, J.M., 
A.S.C.E., his discussion presents very interesting application the re- 
ciprocal deflection laws finding the influence lines the points support 
continuous beam. His basic approach apply unit couple each 
point support and then use conjugate beam determine the various angu- 
lar and linear deflections needed solve his equations and for the mo- 
ments the point support. The author’s approach somewhat different 
that the moment applied just large enough produce angular rotation 
one radian the point for which the moment influence line being drawn— 
this case point support—and only one set deflections need com- 
puted. 

Mr. Wei points out the meaning not defined should 
Table each instance the influence line being found point from 
the left end span shown Fig. 6A. The distances shown (n-1) 
this figure should further comments the fact that the 
factor Table becomes infinite value when 0.2 for beam con- 
stant and with equal spans. Using this value equation becomes 


and equation yields The reason for this unusual result that the 
fixed point for span 0.2L from the left support that span coincides 


with the point for which the influence line drawn. term equa- 


Mr. Wei. 

The influence lines given Mr. Wei for deflection selected points 
four span continuous beam are very useful checking maximum deflections 
against the requirements the AASHO Specifications. 

Dr. Polivka, M., ASCE, shows the advantages using the ellipse 
elasticity finding the moments the points support. The method yields 
high degree precision its results and would seem particular 
value dealing with beam which the moment inertia varies within each 
span. The references cited Dr. Polivka give one some insight into the pos- 
sibilities geometrical methods and his considerable contribution their 
development. determining the moments points support the author was 
careless carrying the moment distribution process through only cycles 
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and not checking the results some other method. Subsequent solutions 
carrying moment distribution through cycles and the slope-deflection 
method gave values agreeing with Dr. Polivka’s results significant 
figures. Dr. Polivka’s suggested division the imaginary loading diagram 
into rectangles and triangles simplifies the development the influence line 
equations. 

The method presented this paper can extended include the case 
continuous beams which the moment inertia varies from point point 
within each span. Walter Hanson, A.M., ASCE, and Wallace Wiley 
their valuable paper “The Constant Segment Method for the Analysis Non- 
Uniform Structural 649—show methods for computing 
stiffness factors and carry-over factors for beams They also 
present tables coefficients which are very useful these computations. 
The writer has found that the fixation moments and the ends span 
due one radian change slope point distant from the end 
the beam are: 


terms the notation used Hanson and Wiley. Moments points sup- 
port are then determined from these fixation moments. Influence ordinates 
can then computed from the support moments, given values for each 


segment and the deflection coefficients given Hanson and Wiley’s Table 
The writer wishes express his appreciation for the additional informa- 
tion presented Dr. Polivka and Mr. Wei their discussion. 
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Discussion 
“TIGHTENING HIGH-STRENGTH BOLTS” 


Drew 
(Proc. Paper 786) 


A.M. ASCE.—The writer appreciative the discussion 
presented Messrs. Pauw, Peterson, Roose and Budgen and their contribu- 
tion the subject tightening high strength bolts. 

The Research Council Riveted and Bolted Structural Joints has estab- 
lished required minimum bolt tension values and recommended bolt tension 
values for calibrating wrenches. The latter percent excess the 
former, and Dr. Pauw refers this “target” value. was not the in- 
tention the Council establish any certain target value. These values are 
included the Specification only ascertain that minimum values were at- 
tained; maximum values are established. 

Since the one turn method will stress the bolt into the plastic range, Dr. 
Pauw raises the question whether there will subsequent loss 
clamping action. Others have raised this question and research the sub- 
ject being currently pursued. The beneficial effects into the 
plastic range are well-known, but loss clamping action, any, over 
period years not known present. 

One turn tightening cannot effective unless the steel parts are first 
fitted-up, other words, drawn together into solid contact bearing. Obvious- 
the more plate plies there are, the more initial “take-up” required 
the fitting bolts. Once the steel fitted the bolts can inserted the 
balance the holes run down finger tight and then given one full turn. Dr. 
Pauw mentions that the initial “take up” one the principal drawbacks 
the turn the nut method. However, the writer feels that the steel prop- 
erly fitted the method simple and practical, and provides effective 
tightening. 

Adaptations the one turn tightening have been devised particularly 
some large construction projects where thousands bolts must tightened 
and impact wrenches are available. One such method utilizes first very low 
air pressure run down all the nuts the joint. This fitting-up process. 
Then using high pressure all the nuts are given one full turn from this fitting 
position. 

Another adaptation the one turn method based the slowing down 
the chuck after about 1/2 turn the nut. Referring graphs the writer’s 
paper, Fig. incl., can seen that there definite change 
slope the curves after about 1/2 turn the nut. This change slope rep- 
resents slowing down the impact wrench chuck, and observed over 
wide range air pressures. The joint first fitted the normal manner 
and bolts are then inserted the remainder the holes. Then, using air 
pressure direct from the tank the nuts are run down and the position the 


Asst. Research Engr., Structures, Assn. Am. Railroads, Chicago, 
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chuck noted when begins slow down appreciably. The nuts are then 
given 1/2 3/4 turn from this point. This equivalent one turn 
tightening but faster than turning the nuts hand the finger tight posi- 
tion. Where large number bolts are involved, this adaptation effective. 

There are many factors which affect the bolt tightening operation and Dr. 
Pauw mentions one, tightening against sloping abutment surface. This situa- 
tion occurs quite often when holes the various parts not line and the 
axis the bolt not perpendicular the abutment surfaces. From the 
writer’s experience, the head and nut must drawn down completely bear 
against the abutment surfaces before turning the nut one revolution. 

Dr. Pauw brings out word caution the use fitting bolts which 
the writer also mentioned his paper. fitting bolts are used where one 
more turns are required bring the steel together, not advisable 
use such bolts the final joint, particularly test bolts the job indicate 
predominance stripping failures rather than breaking failure. Ordinarily, 
though, fitting bolts require only 1/4 1/2 turn bring the steel into 
bearing, which does not impair their use permanent fastener. 

Mr. Roose has raised the question just what “finger tight” means. 
The writer feels that the term self-explanatory, i.e. the bolt tightness 
which can obtained turning the nut with the fingers. However, there 
reason why, individual jobs, the one-turn tightening cannot based 
initial wrench tightness might obtained with spud wrench. The 
reference position the nut begin with not particularly significant. The 
“finger” “hand” tightening suggested because the amount tightening 
possible various individuals will vary less than wrench tightening was 
suggested. “wrench tightened” bolt would require definition the size 
wrench. The fitting the joint much more important than the 
reference position used for the final tightening. 

There are instances where the nuts cannot run down with the fingers. 
Damaged threads tight fitting nuts require wrench initially seat the 
nut. such cases the nut can run with hand wrench, backed off and then 
retightened the finger tight position. 

The one-turn method described the writer’s paper was developed specifi- 
cally for railroad bridge maintenance, where the installation few scat- 
tered bolts remote sites often necessary and power equipment cannot 
economically set up. The method developed enables the man the field 
tighten high strength bolts with whatever tools has immediately available. 
The one turn method being used new construction bridges and build- 
ings which indicates that versatile tightening operation. 

The writer does not claim that this method “cure-all” for every tight- 
ening problem. Many variables enter into the tightening operation such the 
material being bolted, the bolts used and the condition the wrench. All 
these variables are present one degree another, but the writer feels that 
one-turn tightening will reduce the effect them minimum. 
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Discussion 
“ANALYSIS ARCHES FINITE 
Ephraim Hirsch and Popov 


(Proc. Paper 829) 
CORRECTIONS discussion HERBERT SAWYER, ASCE, 


Proc. Paper 972.—On Page 972-55, the equation between and 
should read: 


(1+ 


Associate Prof. Civ. Eng., Univ. Connecticut, Storrs, Conn. 
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Discussion 
“ELASTI-PLASTIC DESIGN SINGLE-SPAN BEAMS AND FRAMES” 


Herbert Sawyer, Jr. 
(Proc. Paper 851) 


ROBERT KETTER! J.M.—The writer agrees with the author that the 
“correct” method for evaluating the carrying capacity given member (or 
structure) through integration the true moment-curvature relation- 
ship the member question. Further, for the material and cross-section 
considered the report this procedure may the only means obtaining 
reasonably accurate answer. The writer, however, was disturbed the 
implied generalization other materials and cross-sections the conclu- 
sions drawn from set calculations based the moment-curvature rela- 
tionship one shape cross-section and one particular type material, 
reinforced concrete, with only one percentage value reinforcement. 

Figure the author’s idealized relationship shown Figure 
compared that 8WF31 section mild structural steel bent about 
its strong axis. (Since measured curve was not included the report, 
was impossible make more rigorous comparison.) Quantities have been 
non-dimensionalized dividing the moment Me, the initial yield moment, 
and the curvature the curvature corresponding the initial yield mo- 
ment. observed that the moment increased the curvature the 
member increased ever increasing rate becoming asymptotic the 
full plastic moment the section. For the material and cross-sectiona 
shape considered the report, the relationship beyond the elastic limit 
linear shown. 

The author’s moment-curvature relationship violates one the basic hy- 
potheses the simple plastic theory; that is, the bending moment ap- 
proaches the full plastic value, Mp, considerable rotation can occur under 
practically constant moment. For his material then, one would expect ob- 
serve difference between prediction strength based the simple plas- 
tic theory and the true carrying capacity the structure. The author clearly 
points out these discrepancies. The behavior the mild structural steel 
wide-flange “I” type cross-section typified Figure the type 
suitable for plastic analysis. Numerous tests Cambridge University 
England and Lehigh University this country have demonstrated the ade- 
quacy this type analysis for such material. 


LYNN A.M. ASCE.—It the purpose this discussion 
show that plastic analysis (sometimes called “limit” analysis) adequate 
tool for predicting the ultimate load structural steel frame will support—a 
conclusion opposite that which the reader may infer from studying the 
author’s paper. 


Research Instructor, Fritz Eng. Lab., Lehigh Univ., Bethlehem, Pa. 
Assoc. Prof., Chmn., Structural Metal Div., Fritz Eng. Lab., Lehigh Univ., 
Bethlehem, Pa. 
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theory should not discarded for all materials simply because in- 
stance found which not applicable one. The final test the fol- 
lowing: will use the theory adequately predict actual load-carrying capaci- 
ty. so, then reasonable basis for design. 

the case structural steel, plastic analysis meets this test long 
consideration given the appropriate modifications design practice. 
Recent literature consistently emphasizes this 
course, this regard different from any design procedure. After 
flexural analysis completed, one would logically expect check such things 
shear and direct stress and provide suitable bracing. 

number methods analysis are available for computing the ultimate 
strength steel structure. Two important assumptions are common all: 


Each beam has maximum moment resistance, Mp, moment that 
attained through plastic yield the entire cross-section. 

Rotation relatively constant moment will occur through sufficient 
angle allow plastic moments realized elsewhere the 


Will these plastic hinges form and maintained such that the necessary re- 
distribution moment will occur? the author’s paper there was evidence 
that inadequate rotation capacity (or “deformation capacity”) existed the 
case some reinforced concrete beams. 

Insofar structural steel concerned, however, tests have shown that 
properly proportioned components will develop the necessary plastic 
hinges.(29) Admittedly these hinges not precisely resemble the “kinks” 
that are theoretically formed ultimate load. However, there does exist 
definite localized zone yielding each critical section, and the resulting 
behavior that section adequate the assumption. With 
such evidence hand, “Rules” have been set down for proportioning structur- 
steel members assure that the plastic hinges will form.(30) 

With regard deflections, the problem really different from that 
which must faced conventional elastic design. The deflections must 
checked see that they are within tolerable limits, whatever these limits 
might be. 

Finally, tests full-size continuous beams and frames show that plastic 
analysis predicts quite accurately the ultimate load-carrying capacity. 
Figures and show tabular form number these tests which the 
members were fabricated from rolled sections. The structure and loading 
are shown scale the left. Next, the size member (or members) 
indicated. the right bar graph which plotted the percent pre- 
dicted ultimate strength exhibited the test structure. test that reached 
100% reached the load predicted the simple plastic theory (author’s “col- 
lapse” load).) 

Figures and show that the actual strength even the weakest structure 
was within its predicted ultimate strength. This agreement between 
theory and test cannot discounted. fact, constitutes better agreement 
than can obtained the so-called elastic limit; almost without exception, 
continuous structure yields locally about 1/3 1/2 the computed 
elastic limit.(11) 

quite apparent that plastic analysis accurate and powerful method 
for predicting the ultimate (or “collapse”) load continuous structural 
steel frame. Evidence such that shown Figures and (which not 
include the considerable number additional small size models that have 
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been tested) has been sufficient justify the actual use plastic analysis 
structural steel design. England, the British Standard Specification 449 al- 
lows the use design based maximum plastic strength, and numerous 
structures have already been erected, there, whose main frames were de- 
signed this method. the not-too-distant future, similar progress will 
undoubtedly made the United States. 
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STRUCTURE AND LOADING SHAPE REFERENCE 


(Previously deformed structure) 


Fig. The Results Tests Single-span Welded Rigid Frames 
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STRUCTURE AND SHAPE REFERENCE 
LOADING 
% of Predicted Ultimate Load 
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Discussion 
DIRECT METHOD FOR MODEL ANALYSIS” 


Norbert Landdeck 
(Proc, Paper 869) 


FERRY Landdeck calls attention the possibility 
using plane plastic models and SR-4 strain gages obtain rapid solution 
statically indeterminate structures. 

should stressed that the possibilities model analysis are much 
broader than those that can inferred from the paper. 

the first place thought that experimental methods are specially use- 
ful when applied three-dimensional structures. Real structures are usual- 
three-dimensional and their decomposition into plane elements already 
corresponds important simplifications. the other hand construct 
three-dimensional model not much more difficult construct than plane 
one. 

the choice material, methyl-methacrilate and general plastic 
materials can very useful. Even so, other types materials, such 
plaster Paris, concrete with small aggregates and steel can also used 
depending the problem solved. 

The use resistance strain gages plastic has difficulty that arises 
from the variation the measurements, not only due ambient conditions 
but due the heating the gages. obviate this preferable 
operate with very low currents maintained for very short periods which needs 
apparatus different from that usually used. 

Figs. present some models structures that have been recently 
analysed. Fig. shows acrilate model, scale 1/75, large dome 
diameter. This model was studied for the action dead weight, con- 
centrated loads and displacements the supports. 

Fig. shows the model large reinforced concrete structure (100 
height and 160 diameter). The model, the scale 1/200, has been 
analysed study the stresses due wind action and change temperature. 

Fig. shows steel model penstock bifurcation where the strain field 
due internal pressure was determined use stress-coat and rosette 
strain gages. 

Fig. refers the reinforced concrete model (to scale 1/10) the 
walls spillway. The stress field the walls due the forces transmit- 
ted the gates was determined accoustical strain gages. 

These examples show some the possibilities the experimental studies 
models. During the last years about model studies have been per- 
formed the Lisbon laboratory. 


Research Engr., Head, Structures Studies Section, Laborat6rio Nacional 
Engenharia Civil, Lisbon, Portugal. 
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Discussion 
“HEAVY AND TALL BUILDING PROBLEMS MEXICO CITY” 


Leonardo Zeevaert 
Paper 917) 


ROSENBLUETH,! J.M. ASCE.—Dr. Zeevaert commended for 
his concise exposition structural and foundation problems Mexico City. 
Yet, the writer finds himself issue with some his statements. The pres- 
ent discussion will confined the earthquake problem. 

pp. 917-8 the author states, 

“Fortunately the lower part buildings may designed flexible enough, 

order that earthquake forces may transmitted more gently, con- 

trast buildings with very rigid lower floors.” 

The statement clearly refers the theory that was accepted years 
ago and was known the “flexible first story” tendency. 1934 
showed quite conclusively that the first story buildings had about ten 
times flexible any the upper stories flexibility was have ap- 
preciable beneficial effect. 

Most engineers are primarily concerned with stresses rather than defor- 
mation; hence, even the exaggerated flexibility required, the first story 
may save the upper portions the superstructure, may seem them war- 
ranted, But little thought will show that, permit such deformations the 
first story are implied its extreme flexibility, one would have use 
rather complicated system the walls and windows would not suffer exces- 
sive damage during relatively mild earthquakes. 

Moreover, the shape earthquake spectra corresponding damped struc- 
tures founded firm ground(2,3) shows that the amplitude displacements 
relative the ground increase faster than the natural period. There is, 
increase velocity with respect the ground the flexibility 
and hence the natural periods increase. Now, the velocity relative the 
ground should not neglected norming criterion aseismic design; 
otherwise there would result greater discomfort and panic the occupants 
during strong earthquakes.(4) This drawback more marked Mexico City, 
where the soft lacustrine deposits are characterized very long natural 
periods. (5) 

Aside from the fact that the increased flexibility would breed greater dis- 
advantages than benefits, would difficult carry out The 
tendency architects here provide four- ten-story buildings, with 
number fairly rigid first-story walls, and, taller buildings, the massive 
sections columns the first story, the frequent practice providing mez- 
zanines, and the extreme rigidity foundation retaining walls usually offset 
the flexibility gained from the greater slenderness first-story columns. 

fact, the Latino-Americana building, the first story about twice 
rigid the average story.(6) 


Research Prof., Insts. Eng. and Geophysics, Univ. Mexico, Mexico 
City, Mexico. 
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The recommendation made the same page, the effect that stresses 
due earthquakes should not exceed the elastic limit the bearing elements, 
may somewhat misleading. Certainly, the marked drop shearing resist- 
ance the soil, that takes place after exceeding the deformation which cor- 
responds the ultimate stress (author’s Fig. 3), makes undesirable ex- 
ceed this value. But well known that clays exhibit increasing strength 
the rate loading increases.(7) The writer’s Fig. (after available test re- 
sults(7)) shows the effects displacement rate the capacity timber piles 
subjected pulling tests. 

The curve this figure intended give safe extrapolation high rates 
pulling. Little correlation was found these tests between rate pulling 
and the displacement corresponding maximum tension; this displacement 
varied between 0.55 and 0.76 with average 0.68 cm. reasonable 
therefore assume displacement equal 0.68 for aseismic design. 
Hence, the building were oscillating its fundamental mode only and its 
fundamental period were high sec, the average displacement rate 
would 136 mm/min. Extrapolating the basis straight line tangent 
the curve mm/min, one obtains ultimate capacity, 136 mm/min, 
0.39 compared with 0.16 kg/cm2, which corresponds very 
slow rates loading, this implies increase resistance over 140 per- 
cent under the rather adverse assumptions made for the comparison. 
course, point bearing piles may affected different degree the rapidi- 
seismic loading, but substantial increase capacity would still ex- 
pected. 

The practice increasing the depth excavation for buildings piles 
order “to obtain enough fixity the building because the earthquakes 
forces” debatable. the writer’s knowledge, building the world has 
ever toppled over result seismic disturbances. This comment would 
means justify doing away with analyses turning moments. But does 
lend support the suspicion that there may important reserves 
strength against such failures and that those reserves may sometimes not 
taken into account. 

Consider, for example, the Aseguradora building described the 
author. rough approximation the turning moment may arrived 
assuming triangular variation the seismic coefficient, zero street 
level and maximum the roof, proposed the California Joint Committee 
tentative code.(9) The resultant the horizontal inertia forces acts, there- 
fore, somewhat below (2/3 the building’s height), since the first 
stories cover larger area than the standard floor the tower. 

Now, the author’s Fig. was drawn scale, the piles fall roughly into 
rectangle whose least dimension about the piles took the entire 
weight the building, average seismic acceleration more than one 
eighth gravity would required double the load the most stressed 
piles, under the assumption plane distribution pile loads. This extreme 
condition would leave the factor safety the bearing capacity essentially 
unchanged with respect their condition under static load, may con- 
cluded from the discussion friction piles. Actually, moderate excavation 
would permit reduction the number piles due flotation underground 
water, the percent increase pile load might then somewhat greater. 
But these elements are then aided friction forces all along the retaining 
walls. Certainly, the design seismic forces used for the Aseguradora 
building were not near what was required double the load the most 
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stressed piles. shearing stresses acting the top the piles during 
earthquake, well other objections that could raised against 
moderate excavation, they are stronger when resorting deeper excavations. 

The increased depth excavation represents, the author has pointed 
out, delicate job Mexico City clay. his closing discussion the author 
could detail the reasons for resorting when, apparently, could have 
been avoided. 

The buildings described the author are exceptional that they possess 
such rigid foundation that the entire grid contributes resisting the turning 
moment. many instances, buildings have been designed Mexico City with 
considerable economy using less rigid foundation supported unevenly 
spaced friction piles combination friction and point-bearing piles, The 
point-bearing piles are provided with adjustable control system which per- 
mits lowering the structure together with the ground; (one such system has 
been developed and described There constant- 
ly, thus, important pressure between the foundation and the soil, which 
helps take seismic stresses. Moreover, some tall buildings system 
diagonal bracing concentrates the effects the turning moment rather 
small zones the foundation. designing the friction piles these zones 
they take sizeable tensions, stresses the foundation are greatly reduced. 
The additional reinforcement these piles insignificant compared with 
the reinforcement needed the foundation girders make the entire founda- 
tion resist the turning moment. 

Measurement the horizontal shears shown the author’s Fig. indi- 
cates that the Aseguradora building was designed method first 
advocated Dr. Newmark and the writer. (6) that method the first 
few natural modes vibration (in this case, three) the structure were 
treated simple structures. The responses (in this case, shears) associated 
with the various modes were then combined each elevation according the 
probabilistic equation 


which the design response certain elevation for given probability 
failure and the response the same elevation the ith mode for the 
same probability failure. was assumed the time that the effects in- 
ternal damping the structure and the ground and the systematic re- 
flection seismic waves, the soft lacustrine formations, would tanta- 
mount neglecting higher modes vibration and taking, the analysis, only 
the fundamental mode and first two harmonics. Since then, considerable data 
have the effects the shapes and durations element- 
seismic pulses. rational method for taking into account internal damping 
the structure based the same probabilistic assump- 
tions the foregoing equation, and studies have progressed predict the ef- 
fects the upper soft 

The present state the art yet far from the time when the last word 
said about the effects soft soil layers the surface seismic motions. 
Nevertheless, refinement and reliability computations have improved 
greatly the last few years without becoming much more laborious, and the 
recent developments should not ignored when designing contemporary 
structures. 


July, 1956 
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Discussion 
“SPECIFICATIONS FOR STRUCTURES ALUMINUM ALLOY 6061-T6; 
Second Progress Report the Committee the Structural Division 
Design Lightweight Structural Alloys.” 


(Proc. Paper 970) 


fifth line below Formula 3b, change subscript 


Page 11. second line below Formula change subscript from 

Page 25. sixth line I-6b, delete the word the first two 
places where appears. 


Page 28. the last line the third paragraph, change 


Page 28. Insert superscript after the the end the 
first sentence the second paragraph. 


Page 28. the second line B-1, change the first word from 
and underline it. 


| 
Bes. 
Bi 
4 


Discussion 
“SPECIFICATIONS FOR STRUCTURES ALUMINUM ALLOY 2014-T6; 
Third Progress Report the Committee the Structural Division De- 
sign Lightweight Structural Alloys.” 


(Proc. Paper 971) 


and that appear Proc. Paper 971 the May 
1956 Journal the Structural Division are incorrect. The material 
substituted therefore follows: 


TABLE 2.—Allowable Compressive Stress Beam Flanges 
for Various Values Laterally Unsupported Length 
Compression Flange, Inches 


Procedure.— Maximum allowable bending moments are found multiplying the allowable com- 
pressive stresses (in kips per square inch) the gross section modulus the beam. The stress 
the net section the tension flange must also kept within allowable limits. 


Depth Weight Section Values 
(in.) per ft) modulus 


(a) I-Beams 


(b) H-Beams 


14.69 21.38 21.38 19.0 17.2 14.4 
28.23 20.72 18.6 16.7 
30.23 19.82 18.8 17.2 


values are governed local buckling (see Section D). All other values are determined 
from Fig. Section 
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0.481 188 102 6.1 
0.782 21.6 19.9 17.0 
1.68 21.4 19.8 15.8 
1.95 21.7 20.3 17.9 
3.59 204 178 13.6 
202 162 9.9 
6.09 206 182 14.7 
21.88 20.5 16.9 10.5 
21.88 20.7 18.0 13.6 
12.12 20.9 182 13.4 
14.39 21.0 18.0 12.2 
10.99 21.5 19.1 15.2 
22.0 21.7 19.8 17.6 
9.14 12.7 9.0 4.6 
12.95 14.8 6.7 
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TABLE 3.—Allowable Compressive Stress Channel Flanges 
for Various Values Laterally Unsupported Length 
Compression Flange, Inches 


Procedure.—Maximum allowable bending moments are found multiplying the allowable com- 
pressive stresses (in kips per square inch) the gross section modulus the beam. The stress 
the net section the tension flange must also kept within allowable limits. 


Depth Weight Section Values 
per ft) 


21.2 
21.6 
21.4 
21.64 


21.54 

16.7 

14.0 

17.5 
8.46 21.74 15.3 

11.34 21.7% 20.5 17.5 


10.60 21.6% 20.4 16.0 
15.75 21.7 20.8 18.1 
13.47 20.6 16.6 
20.69 21.7% 18.5 
21.97 21.0 17.9 
29.94 18.6 
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values are governed local buckling (see Section D). All other values are determined 
from Fig. Section 


Change first word A-1 from “Avial” 


Page second line below Formula change subscript from “c” 


Page 11. Change the values allowable stress Table The present 
values apply 6061-T6 alloy. correct version Table accompanies 
this list corrections. 


Page 12. Change the values allowable stress Table The values 
shown apply 6061-T6 alloy. correct version Table accompanies 
this list corrections. 

Page 20. the third line G-13, change “extend” “extent.” 


Page 26. Insert superscript *2” after the word “tests” the end the 
first sentence the second paragraph. 


Page 28. fifth line, separate the words “cantilever” and “beam.” 


Page 28. Add the word the end the last line before the 
footnotes. 


Page 29. Change the date Reference from 


Page 30. fifth line F-6, change “Timoshendo* 


ia 
4: 
128 160 192 256 352 480 
4 
4, 


1956-17 


DIVISION ACTIVITIES 
STRUCTURAL DIVISION 


Proceedings the American Society Civil Engineers 


COMMITTEE DEFLECTION LIMITATIONS 


What limitation should placed the flexibility highway bridges, or, 
indeed, why should any limitation set the flexibility bridge designed 
satisfactorily for stress? 

Answers these and other questions have been sought through surveys 
engineering experience, review research and general discussion the 
Structural Division Committee Deflection Limitations Bridges. The 
control vibration seems principal objective deflection limitation 
but the optimum stiffness relation characteristics the live loading 
obscured quite varied indications test data and observation. 

The committee putting what has learned into report published 
within year. Engineers having significant observations report this 
subject can service transmitting them the chairman the Com- 
mittee Deflection Limitations, George Vincent, Physical Research 
Branch, Bureau Public Roads, Washington 25, 


LIGHTWEIGHT ALLOY SPECIFICATIONS 


The Structural Division Committee Design Lightweight Structural 
Alloys has limited supply reprints the newly published Specification 
for Structures Aluminum Alloy 2014-T6, Proceedings Paper 971. The 
reprints contain the corrections for Tables and noted this issue the 
Journal. Copies may had writing John Clark, Chairman, Committee 
Design Lightweight Structural Alloys, Box 772, New Kensington, Pa. 


Note: No. 1956-17 part the copyrighted Journal the Structural Division the 
American Society Civil Engineers, Vol. 82, July, 1956. 
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PROCEEDINGS PAPERS 


The technical papers published the past year are identified number below. Technical- 
division sponsorship indicated abbreviation the end each Paper Number, the 
symbols referring to; Air Transport (AT), City Planning (CP), Construction (CO), Engineering 
Mechanics (EM), Highway (HW), Hydraulics (HY), Irrigation and Drainage (IR), Power (PO), 
Sanitary Engineering Soil Mechanics'and Foundations (SM), Structural (ST), Surveying and 
Mapping (SU), and Waterways and Harbors (WW) divisions. Papers sponsored the Board 
Direction are identified the symbols (BD). For titles and order coupons, refer the appro- 
priate issue “Civil Engineering.” Beginning with Volume (January 1956) papers were 
published Journals the various Technical Divisions. locate papers the Journals, the 
symbols after the paper numbers are followed numeral designating the issue particular 
Journal which the paper appeared. For example, Paper 861 identified 861 (SM1) which 
indicates that the paper contained issue the Journal the Soil Mechanics and Founda- 
tions Division. 

VOLUME (1955) 


JULY: 733(ST), 734(ST), 735(ST), 737(PO), 738(PO), 
742(PO), 743(HY), 744(HY), 746(HY), 747(HY), 749(SA), SA), 
753(SM), 754(SM), 755(SM), 756(SM), 757(SM), 


AUGUST: 762(ST), 763(ST), 764(ST), 766(CP), 767(CP), 768(CP), 
772(EM), 773(SA), 774(EM), 777(AT), 778(AT), 
780(SA), 781(SA), 783(HW), 784(HW), 785(CP), 786(ST). 


SEPTEMBER: 787(PO), 788(IR), 789(HY), 790(HY), 791(HY) 792(HY), 793(HY), 
804(WW), 805(WW), 806(HY), 


817(EM), 818(EM), 820(SA), 823(HW), 824(HW). 


NOVEMBER: 826(HY), 827(sT), 830(sT), 832(CP), 


DECEMBER: 842(SM), 844(SU), 846(SA), 847(SA), 
851(ST), 852(ST), 853(ST), 854(CO), 855(CO), 857(SU), 858(BD), 859(BD), 
860(BD). 


VOLUME (1956) 


878(ST1)°. 


FEBRUARY: 879(CP1), 880(HY1), 882(HY1), 883(HY1), 
887(SA1), 888(SA1), 889(SA1). 890(SA1), 892(SA1), 


914(ST2), 915(ST2), 916(ST2), 917(ST2), 918(ST2), 919(ST2), 
922(SU1), 923(SU1), 


APRIL: 926(WW2), 928(SA2), 929(SA2), 930(SA2), 931(SA2), 932(SA2)°, 
933(SM2), 935(WW2), 940(SM2), 941 
(SA2), 


MAY: 961(IR2), 962(IR2), 966(WW3), 967(WW3), 968(WW3), 969 
989(AT2). 


JUNE: 991(PO3), 992(PO3), 993(PO3), 994(PO3), 996(PO3), 997(PO3), 998 
(SA3), 999(SA3), 1000(SA3), 1001(SA3), 1002(SA3), 1006 
1014(SA3), 1015(HY3), 1016(SA3), 1017(PO3), 


JULY: 1019(ST4), 1020(ST4), 1022(ST4), 1023(ST4), 1026 
(SM3), 1027(SM3), 1028(SM3)¢, 1029(EM3), 1031(EM3), 1033(EM3)°. 


Discussion several papers, grouped Divisions. 
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